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1. INTRODUCTION 
1.1 General Introduction 
In 1989, Congress passed the USDA Forest Service Timber Bridge Initiative, now the 
Wood In Transportation (WIT) Program, to rekindle bridge designers' interests in timber as a 
construction material. Their main objective was to boost local economies and enhance rural 
transportation systems using locally available wood species. The success of the program is 
seen not only in the increase in the number of timber bridges designed, but also in the 
advancement in timber bridge design specifications and engineered timber products. 
"In an era when space-age materials are as ubiquitous as the cell phone and laptop 
computer, anew-old building technique is spanning the gap between nostalgia and the 
modern-day demand for high performance," said Craig Savoye, [27] . Timber bridges, once 
the prevalent choice of bridge designers, are making a comeback. In the last decade, 
approximately 2,500 timber bridges were built nationwide according to the Federal Highway 
Administration. The retro trend may be developing at an opportune time. 
Research and development in timber design is the most significant reason for the 
increase in the number of timber bridges being built. In the past, most engineers' knowledge 
and/or experience with timber design were minimal to non-existent. This, along with the fact 
that timber design specifications were severely inadequate compared to those for reinforced 
concrete and steel, led to some insufficient designs and poor performance. In 1993, the 
American Association for State Highway and Transportation Officials (AASHTO) adopted 
the load and resistance factor design (EKED) code for bridges. However, unlike concrete and 
steel for which an LRFD procedure has been available for several years, LRFD specifications 
for wood are still in developmental stages. 
LRFD serviceability requirements for timber are one area in which there has been 
little research. In particular, a live load deflection criterion of span. length divided by 425 is 
currently specified. However, this is considered an optional requirement and left to the 
designer's judgment. These deflection criteria appear to be based upon arbitrary limits and 
there exists a need for design criteria for timber superstructures and decks based upon actual 
structural behavior, user perception, and wearing surface performance. 
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As a result of the Timber Bridge Initiative and the Intermodal Surface Transportation 
Efficiency Act (ISTEA), passed by Congress in 1988 and 1991, respectively, funding was 
made available for timber bridge research. One portion of this research focuses on refining 
and developing design criteria for wood bridges. This project, to investigate and develop live 
load deflection criteria based on actual bridge performance, is part of that program and is a 
cooperative effort between Iowa State University, the USDA Forest Service, and the Forest 
Products Laboratory. The project looks at design criteria currently used by bridge engineers, 
the actual behavior and deterioration of timber bridges due to live load deflection, and the 
development of acceptable live load deflection criteria to be implemented into the design 
code immediately. 
Timber has been used as a bridge material for centuries. However, many of the 
timber bridges in use today are deficient or in an advanced state of deterioration. This 
deficiency however, is not the result of wood being a wanting bridge material. This poor 
performance is instead simply due to inadequate design of timber bridges in the past. 
Properly designed, modern timber bridges possess several advantages: durability and long 
life, simplicity of construction., prefabricated construction, high strength-to-weight ratio, cost 
competitive in small bridge construction, aesthetics, and immunity to the deteriorating effects 
of deicing chemicals like sodium chloride. The use of modern engineered lumber products in 
conjunction with a dependable and up to date design code will not only increase the number 
of timber bridges, but more importantly, the perception and quality of timber bridges. 
This report summarizes the results of a series of twelve reports aimed at collecting, 
analyzing, developing and distributing information on the relationship between timber bridge 
deflection, wearing surface, and. overall bridge performance. Field inspections in conjunction 
with data collected from field tests on 8glued-laminated girder bridges and 4 glued-
laminated panel bridges were used to investigate the deflection performance of such bridges 
and the subsequent effect on wearing surface performance. The results of these tests are 
found in 12 reports titled Live Load Deflection of Timber Bridges (Appendix A-L, [31 ]-[42]). 
The subsequent discussion briefly describes each bridge and its performance under static 
loading. Recommendations for limiting differential deflection, and common factors found to 
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significantly affect the deterioration of the wearing surfaces are then presented based on the 
performances of the subject bridges. 
1.2 Objective and Scope 
The overall objective of this research was to study the relationship between live load 
deflection and asphalt wearing surface condition and to make recommendations for timber 
bridge live load deflection criteria. The project scope included data collection and analysis 
under static truck loading and studying its effect on the wearing surface and overall bridge 
performance. The results of this testing will be used to formulate recommendations for 
design specifications related to deflection criteria to be used on similar glued-laminated 
timber bridges. 
In the past decade, extensive work by Iowa State University (ISU) and the Forest 
Products Laboratory (FPL) in Madison, WI has led to the advancement of existing design 
methodologies for various types of timber bridges. However, as discussed previously, little 
of this work has been directed towards serviceability issues. Hence, the objective of this 
study is three-fold: 
1. To research the importance of and allowable limits for differential deflection as 
they relate to the long-term performance of timber bridges. 
2. To develop live load deflection criteria for timber superstructures and decks based 
upon actual structural behavior, performance of wearing surfaces, and user 
perception. 
3. To develop relationships between deflection data and specific deterioration modes 
using appropriate statistical models to obtain a complete picture of the source and 
significance of deflection-induced deterioration. 
This project involved three general tasks: a literature review, an experimental field-
testing program, and the development of a final report. A literature review was conducted to 
build on previous research data and avoid unnecessary repetition of data collection. 
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Literature on the development of current deflection criteria, types of observed deflection 
induced deterioration, and the human perception of bridge deflection and vibration was 
collected and presented in brief. Field tests were done to monitor overall bridge behavior, 
total and differential deflection effects, and determine the source and significance of 
deflection induced deterioration. 
1.3 Literature Review 
Significant literature exists concerning timber bridges and promoting the future 
development and use of these types of bridges now and especially in the future. Researchers 
and engineers have tested, studied, and proven the effectiveness of timber bridges for use in 
the nation's, and world's, transportation systems. Effective or not, however, the perception 
of timber as a bridge material is still met with skepticism. [29] conducted significant 
research concerning the designers' perception of timber as a bridge material. The authors 
discovered that in locations where bridge ratings were low, so too were the designer's 
perception of timber as a bridge material. In addition, they found that poor design was the 
main reason these bridges became deficient in the first place. They concluded that 
perception of timber in the past has been low because a majority of our nations timber 
bridges were not designed to adequate standards. 
In regards to serviceability criteria, little research has been done to develop timber 
specific design criteria for bridges. Currently, deflection criteria applied to timber bridges are 
based on arbitrary limits and are most often the same as those used for steel and concrete 
bridges. The biggest problem with serviceability limit states according to [20] stems from 
the fact that they are defined by human perception rather than structural conditions. The 
authors comment that little has been done so far to develop design criteria for serviceability 
conditions; those criteria that do exist are recommendations rather than limits based on the 
performance and deterioration of the structure and are left to the engineers' judgment. 
Research done by [24] found similar results to those of Nowak and Grouni. In his 
search for maximum recommended deflection-values, he found that they ranged from L/200 
to L/ 1,200. [24] also recommends values for maximum deflection of timber members: 
L/360 for applied loads and L/240 for combination of applied loads and dead loads. The 
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author suggests a more severe deflection limit in the presence of asphalt wearing surfaces 
and/or pedestrian walkway. 
An article by [43] discusses the history of bridge deflection criteria. The authors 
found that deflection criteria began with the railway bridge specification in 1871. 
Approximately sixty years later, deflection. criteria recommended by the Bureau of Public 
Roads, which are similar to current limitations, seemed to be based on user discomfort. 
Recently, more severe limitations appear to have resulted from concern about deterioration of 
reinforced concrete decks. The author's conclusion was that discomfort and deck 
deterioration seem to be the only factors considered in developing current deflection criteria. 
The authors also stated that the static component of highway bridge deflection has negligible 
effect on human response; users only perceive bridge vibrations when they are standing or 
sitting on the bridge itself, or when they are in stationary vehicles. 
The performance and deterioration of wearing surfaces on timber bridges due to the 
bridge's actual behavior has also posed questions and stimulated research by several bridge 
engineers and researchers. [ 17] conducted a research study to identify the primary 
mechanisms responsible for wear and surface deterioration of asphalt wearing surfaces. 
They looked at two basic bridge types: longitudinally nail-laminated superstructures and 
transverse nail-laminated decks supported by beam superstructures. From their inspection of 
the bridges, three common forms of mechanically induced pavement cracking were revealed 
in the wearing surfaces: cracking parallel to deck .laminations, cracking parallel to deck panel 
joints, and transverse cracking over deck supports. In all cases, the cracking was due to some 
form of differential deflection, whether it was differential deflection between individual deck 
laminates, between deck panels, or between the deck and the supports. They concluded that 
the common factor in pavement deterioration is poor pavement design, and a more flexible 
pavement surface design was suggested to reduce surface cracking on these types of 
structures. 
[30] also found that the long-term performance of timber bridges has often been 
deemed unsatisfactory due to cracking of the wearing surface. They, like [ 17], found that 
most of the cracking was due to differential deflection. Their research led to the 
development of athree-layered wearing surface system to prevent cracking in the road 
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surface. This system performed well in the laboratory based on differential deflection at 
panel joints of 0.05 in. (127 mm), which is half of the differential deflection recommended 
in the design of deck panels, 0.1 in. (2.54 mm) [24]. 
Currently, most research testing of timber bridges has been completed on stress-
laminated and glued laminated timber bridges. Much of the work on stress-laminated timber 
deck bridges was done by [26] in 17 Field Performance of Timber Bridges reports. These 
reports showed that the performance of the wearing surfaces varied from bridge to bridge. 
They found several bridges had excellent performing wearing surfaces with little to no 
cracking, rutting, or heaving. They also found several of the bridges had poor performance 
of the asphalt wearing surface with significant cracking, heaving, and rutting along the wheel 
lines. The authors concluded the main reason for this variance was due to variations in 
asphalt mix design, as well as, poor asphalt mix design in the first place. 
Additional work on stress-laminated timber deck bridges was done by [23]. The 
objective of that study was to evaluate the overall performance of the bridges under static 
loading conditions. The report stated three main conclusions: the bridge performed well 
under static loading, there were no indications of deterioration in the timber components, and 
the asphalt wearing surface was in good condition with only minor transverse reflective 
cracking over the bridge abutments. 
Valuable information was obtained on behavior and analysis of timber bridges from 
several research projects conducted at Iowa State University. In [14], stress-laminated timber 
bridge experiments were conducted after which ageneral-purpose finite element software 
program was constructed to model and analyze such bridges. [ 16] developed a similar finite 
element software program that is applicable to longitudinal glued laminated deck and girder 
bridges. Development of the model began by obtaining static deflection data for two 
longitudinal glued-laminated deck bridges and four glued-laminated girder bridges. 
The New York State Department of Transportation initiated a research project to 
systematically study the possible correlation between bridge deck cracking and bridge 
vibration [4]. Data concerning the vibration and cracking of steel girder bridges with 
concrete decks were analyzed using statistical methods. Several remedial measures were 
considered, including modifying the deflection criteria recommended by AASHTO bridge 
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design standards; a recommendation to further study this relation using quantitative data was 
made. 
In a study done by [ 11 ], the authors found that much of the deterioration seen in 
bridges not only leads to loss of structural integrity, but that the two together are detrimental 
to the structure and its users. They proposed a need to combine inspection techniques for 
detecting localized flaws with a comprehensive assessment strategy estimating their 
cumulative effects on overall structural integrity and strength. Further, they believe that 
proper applications of nondestructive evaluation (NDE) techniques will present a more 
confident assessment of material properties and, in turn, structural integrity and residual 
capacity. 
8 
2. TESTING: RESULTS AND RECOMMENDATIONS 
2.1 Glued-Laminated Timber Girder Bridges 
2.1.1 Background 
Timber structures are cost effective, easy to construct, have a long service life if 
properly preserved, and are relatively low maintenance. However, many of these structures 
have experienced rapid and repeated deterioration Of the wearing surface, leading to the 
subsequent degradation of the underlying structural components. One of the more common 
types of timber bridges constructed is aglued-laminated timber girder bridge with a 
transverse glued-laminated timber deck. These structures vary in width depending on the 
number of traffic lanes, and range in length from 20 ft to greater than 100 ft. 
To investigate the source of the deterioration commonly seen in the wearing surfaces 
on these types of bridges, eight bridges that met the needs of this project were located, 
inspected, and field-tested. Data collected from visual inspections and field load tests were 
analyzed and presented previously in eight individual reports titled Live Load Deflection of 
Timber Bj~idges, reports 1 through 8 (Appendix A-L, [31 ]-[43]). The results from these 
reports are the basis for this section of this report. 
There were two types of wearing surfaces On the eight bridges tested. The majority of 
the bridges had asphalt wearing surfaces, which varied in depth from 2.5 in. to 6 in. The 
Badger Creek Bridge, however, had a longitudinal plank wearing surface covering the entire 
width of the roadway. The Camp Creek Bridge incorporated a combination of both 
longitudinal planks and asphalt wearing surfaces, consisting of longitudinal. planks in the 
wheel lines and asphalt over the remainder of the deck. 
2.1.2 Results 
The deflection performance of each bridge and the condition of its ̀ nearing surface 
related to that performance will be discussed in short individually followed by a discussion of 
the overall performance of the eight bridges and the effects of live load deflection on wearing 
surface condition. Deflection checks for bridges are evaluated based on deflection criteria 
typically of the form L/n, L being clear span in inches. Listed in Table 2.1 are the deflection 
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criteria found in [1], [2], and [24], the current design specifications and guide manual. In 
addition, [24] also suggests limiting panel deflection relative to the girders as well as 
differential panel deflection to 0.1 in. A further reduction in this limit is suggested in the 
presence of an asphalt wearing surface. The performance of the subject bridges will 
frequently be compared to these criteria in the subsequent discussion. 
Table 2.1. Deflection criteria. 
Source Deflection Criteria 
Ref. [ 1 J 
Ref. [2] 
Ref. [24] 
L/500 
L/425 
L/360 
For comparison, the value of n using the maximum measured deflections from all 
load cases investigated on these eight bridges are listed in Table 2.2. Since the deflection 
criteria found in the specifications are based on the design truck, the experimental n-values 
were normalized for comparative purposes, by total truck weight, to the design truck used for 
each specific bridge. 
The large difference between the recommended deflection criteria and that obtained 
from the experimental n-values may be attributed to several factors. The girders may have 
been initially over designed to reduce deflections or the deflection limit state may not have 
controlled. Transverse load distribution from girder to girder via the deck. panels may be 
greater than typically assumed in design. In addition, changes in moisture content, support 
conditions, and other factors may result in smaller deflections than those predicted in design. 
These factors will all be discussed in the following sections. 
The Erfurth Bridge, located near Mount Vernon, WI was selected for evaluation 
because of its relatively thin (3.5 in.) timber panel deck. For detailed plan and cross-
sectional drawings of the Erfurth Bridge, see (Appendix D, [34]). In short, the structure is a 
two-lane bridge spanning approximately 40 ft with 12 glued-laminated girders spaced 31 in. 
on center and a transverse glued-laminated panel deck consisting of 4 ft — 4 in. by 3.5 in. 
panels. The 12 glued-laminated girders are each composed of two separate sections, which 
make across-section similar to that illustrated in Fig. 2.1. 
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16- 1.5" 
laminations 
8.5" __ 
14" 
5 .5 " ---1 
23.5" 
Figure 2.1. Erfurth Bridge girder cross-section. 
Table 2.2. Ex ~ erimental n-values, girder bridges. 
Report 
Number Bridge Load Case 
Experimental n-
value (1995 ) 
Experimental n-
value (2002, 
2003) 
1 Badger Creek 
2 Camp Creek 
3 Lost Creek 
4 Erfurth 
1 
2 
1 
2 
3 
1 
2 
1110 
1178 
13 70 
1750 
2300 
2110 
2110 
1 
2 
532 
542 
5 Chambers County 
6 Russellville 
1 
2 
3 
4 
5 
1 
3 
4 
5 
6 
1070 
- 795 
- 747 
948 912 
1143  1092
- 1055 
995 
985 
1470 1140 
980 
1375 
7 Wittson 
8 Butler County 
1 (span 1) 
2 (span 1) 1521 
3 (span 1) 1504 
1 
2 
3 
728 
1196 
840 
590 
588 
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The maximum girder deflection and maximum differential panel deflection were 
—0.85 in. and 0.03 in., respectively. Panel deflections measured relative to the girders were 
found to be less than 0.08 in. Note that both the differential panel deflection and the 
deflection of the panels relative to the girders were less than the recommended limit of 0.1 in. 
Figure 2.2 illustrates the condition of the asphalt wearing surface on the Erfurth 
Bridge at the time of testing in 2003. The maximum deflection of —0.85 in. was measured at 
girder G4 in both load cases. Deflection of girder GS was approximately 0.4 in., which is 
half of that at girder G4, and girder G3 produced even smaller deflections. The exact source 
of the large difference in deflections between girder G4 and the adjacent girders was unable 
to be determined. Possible sources include: gaps between the deck panels and girders G3 and 
GS but not G4, differences in support conditions and end restraints, localized deterioration of 
girder G4 which is not evident from visual inspection, as well as other factors. Inspection of 
the wearing surface found longitudinal cracks in the asphalt wearing surface above girder G5 
immediately west of G4. The large differential girder deflection between girder G4 and GS 
is believed to be the cause of the longitudinal cracking in that area and shown in Fig. 2.2. 
Rsgr ~ . 
Approx. location 
of GS and G4 
Figure 2.2. Erfurth Bridge wearing surface in 2003. 
In addition to the longitudinal cracks above girder G5, transverse cracks located 
above each panel joint were evident as shown in Fig. 2.2. The transverse cracks were full 
depth and had been patched with sealant. The pattern of cracking suggests one or a 
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combination of the following factors may be responsible: the relatively thin flexible deck, 
differential panel deflections, and/or the magnitude of the panel deflections relative to the 
girders. Although the differential panel deflections were typically significantly less than the 
recommended limit, it is believed that this deflection in combination with the above factors is 
the cause of the deterioration of the asphalt wearing surface. In addition, the presence of the 
miscellaneous cracking throughout the deck surface may be the result of the flexible deck 
and, as past research has shown, the asphalt mix design itself. 
The Badger Creek Bridge (Appendix A, [31 ]), located near Mount Hood, OR spans 
31 ft and consists of four glued-laminated girders, a transverse glued-laminated deck, and the 
longitudinal timber plank wearing surface shown in Fig. 2.3. The bridge showed no signs of 
deterioration, deflection-induced or otherwise, in the longitudinal plank wearing surface or in 
any other structural component. Inspection found that the panel joints on this bridge were 
difficult to locate and no signs of moisture ingress between the panels were evident, 
suggesting that there was a tight fit between the deck panels. Similarly, the panels appeared 
to be well seated on the girders with no visible gaps. 
Figure 2.3. Badger Creek Bridge wearing surface in 2002. 
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Maximum midspan girder deflections were less than approximately —0.3 in. Panel 
deflections relative to the girders and maximum differential panel deflections were found to 
be well within the 0.1 in. limit (differential panel deflections were typically less than 0.015 
in.) These relatively small differential panel deflections are possibly affected by the 
longitudinal plank wearing surface, which may reduce differential deflections by effectively 
transferring load longitudinally from panel to panel. Due to the lack of deterioration in the 
plank wearing surface, the differential panel deflections and live load deflection behavior of 
the bridge in general, do not appear to be affecting the condition of the wearing surface on 
the Badger Creek Bridge. 
The Camp Creek Bridge (Appendix B, [32]), located near Mount Hood, OR, is a 
single lane bridge spanning 31 ft that uses longitudinal planks for the wearing surface along 
the wheel lines, see Fig. 2.4. The remainder of the deck is protected by an asphalt wearing 
surface. As with the Badger Creek Bridge, the Camp Creek Bridge consisted of four glued-
laminated timber girders and a transverse glued-laminated timber deck. 
There were several uncharacteristic behaviors evident in the live load deflection of 
the Camp Creek Bridge. Deflections measured at midspan were typically less than those 
measured at '/4-span which is uncommon for this type of structure. In addition, the girder and 
panel deflections follow a stair step pattern upon initial loading, plateau at a peak deflection, 
and then resume the stair step pattern as the deflections decrease. These two behaviors may 
be caused by transfer of load longitudinally through the timber planks and/or swelling of the 
deck panels due to increases in moisture content. However, the exact cause is unknown. 
From Table 2.2 it is evident that the deflection performance of the structure is within 
specified limits despite the uncharacteristic behavior. Maximum girder deflection for the 
Camp Creek Bridge, normalized to the design truck, was approximately —0.28 in. Load 
distribution factors approximated using the measured deflections were less than those 
calculated using the current design specifications. This suggests that the bridge resists 
deflections more effectively than anticipated in design. Additionally, a simple static analysis 
found that the support conditions are more like fixed ends than the pinned condition typically 
assumed in design. 
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a. Longitudinal planks on wheel lines. 
b. Exposed deck panels due to asphalt deterioration. 
Figure 2.4. Camp Creek Bridge wearing surface in 2002. 
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Signs of deterioration were evident in both the longitudinal plank and asphalt wearing 
surfaces on this bridge. This deterioration is not believed to be directly the result of live load 
deflections. Rather, the deterioration appears to be from the weather and traffic wear, and 
possibly only compounded by live load deflections. The basis for this conclusion is that 
deterioration of the longitudinal planks was only evident in the exterior two planks in each 
wheel line but not in the interior planks. As with the longitudinal planks, the deterioration of 
the asphalt is not believed to be the result of load-induced deflections, but mainly to the 
detachment of the asphalt from the deck panels and wear from traffic and weather. In 
addition, accumulation of debris on the deck is possibly trapping moisture resulting in the 
accelerated deterioration of the deck panels and wearing surfaces. 
The Wittson Bridge (Appendix E, [35]), located northeast of Tuscaloosa, AL is a 
four-span bridge with variable span lengths and variable depth girders. One of the 50 ft 
spans and the 102 ft span were selected for testing, although limited data was able to be 
collected from the long span due to height restrictions and accessibility limitations. 
Comparison of data collected previously in 1995 with the data collected during the recent 
testing in 2003 indicates that the deflection performance of the bridge was variable. 
Comparing the n-values for the two Wittson Bridge spans in Table 2.2 with the 
recommended deflection criteria in Table 2.1, it is evident that the bridge was within 
acceptable limits in terms of girder deflections in both years. Maximum girder deflections 
for span 1 varied from approximately 0.5 in. to 1.0 in. in both 1995 and 2003 depending on 
the load case. 
Despite the apparently acceptable deflection performance of the bridge, the pattern of 
transverse cracking on this bridge was uncommon compared to the other bridges tested in 
this research. Figure 2.5 illustrates the condition of the wearing surface on the Wittson 
Bridge. Transverse cracks were evident directly over the panel joints for approximately 85 
percent of each span, but over approximately 10 ft on each side of the piers, the transverse 
cracking ceased. Continuity across the piers prevents stress reversals above the piers at the 
deck level, which is believed to be the source of the transverse cracking shown in Fig. 2.5. 
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Pier Location; 
4rea of diminished 
transverse crackinn 
Figure 2.5. Wittson Bridge wearing surface in 2003. 
Panel deflections relative to the girders were approximately 0.03 in. in 1995 and 
0.004 in. in 2003. Maximum differential panel deflections on the short span were 
approximately 0.1 in. in 1995 and decreased by approximately 75 percent in 2003. Both the 
relative deflections as well as the differential panel deflections are within the acceptable limit 
of 0.1 in. Differential panel deflections in 2003 observed for the long span were negligible. 
The calculated differential panel deflections for spans 1 and 3 coupled with the pattern of 
transverse cracking, suggests that differential deflections may be affecting the deterioration 
of the wearing surface. 
Significant stair stepping was also evident in the deflection pattern of the girders and 
deck panels. This stair stepping behavior and the decrease in differential panel deflections 
from 1995 to 2003 are believed to be due to increases in moisture content, and the 
subsequent swelling of the deck panels. The swelling increases the pressure between the 
panels, which in turn increases the contact friction between the panels. The repeated build up 
and release of friction between adjacent deck panels as the load passes over the bridge is 
likely the source of the stair stepping. This repeated build up and release of forces between 
the deck panels may be another factor affecting the transverse cracking of the asphalt. 
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Longitudinal cracks were not evident in the asphalt wearing surface on the three short 
spans of the Wittson Bridge, but several significant longitudinal cracks were evident on span 
3. These longitudinal cracks may be the result of differential girder deflection between the 
exterior two girders, which were on the order of 0.3 in. However, the exact cause is 
unknown. 
The Russellville Bridge (Appendix F, [36]), located near Russellville, AL is also a 
four-span bridge; however, unlike the Wittson Bridge each of the four spans is equal length. 
The bridge consists of four 42-ft spans, five glued-laminated girders, and a transverse glued-
laminated deck. The Russellville Bridge is a two-lane structure with transverse cracks along 
the full length of the bridge at the panel joint locations, and only minor longitudinal cracking. 
The condition of the wearing surface at the time of testing in 2003 is shown in Fig. 2.6. 
Figure 2.6. Russellville Bridge wearing surface in 2003. 
The presence of transverse cracks across the full length of the bridge suggests that the 
two four-span bridges behave differently under live loading. Comparison of the time-history 
deflections for both bridges indicates that both exhibit continuity across the piers. However, 
maximum midspan girder deflections for the Russellville Bridge are approximately half of 
18 
those from the Wittson Bridge, for similar length spans. The one difference between the two 
that might result in differences in deterioration of the wearing surfaces over the piers is the 
girder spacing. The Russellville Bridge has a girder spacing of 5 ft; the wittson Bridge has a 
girder spacing of 4 ft — 3 in., and both bridges have similar size deck panels. The greater 
distance between girders on the Russellville Bridge may produce greater differential 
deflections above the piers resulting in continuous deterioration of the wearing surface along 
the full length of the bridge. In addition, the effective deck span for the Russellville Bridge 
is 58.25 in. (clear span plus '/2 the girder width or clear span plus the panel thickness, 
whichever is greater), exceeds the acceptable range of 50 — 57 in. for noninterconnected deck 
panels [24] . The Russellville Bridge was found to have maximum panel deflections relative 
to the girders of approximately 0.01 in. in 1995 and 0.07 in. in 2003. Maximum differential 
panel deflection for the Russellville Bridge was approximately 0.2 in. in 1995 and 0.026 in. 
in 2003. Once again, swelling of the deck panels over time due to increases in moisture 
content is believed to be the cause of the decrease in differential panel deflections between 
1995 anal 2003. Additionally, the swelling of the panels is believed to be the source the stair 
stepping behavior evident in the Russellville deflection data. 
Girder deflections for span 1 increased slightly from 1995 to 2003 from 
approximately —0.45 in. to —0.57 in., and maximum differential girder deflections were 
typically less than 0.2 in. Only minor longitudinal cracking was evident in the wearing 
surface, which may or may not be attributed to these differential girder deflections. 
From the above information, the deterioration of the Russellville Bridge wearing 
surface is believed to be a result of the differential panel deflections, which may be impacted 
by the girder spacing. In addition, asphalt mix design may be affecting the deterioration of 
the wearing surface on the Russellville Bridge. 
There were two more multi-span bridges tested as part of this work: the Lost Creek 
Bridge and the Butler County Bridge. The Butler County Bridge (Appendix H, [38]), located 
near Georgiana, AL consists of one 24-ft span and one 60-ft span; however, only the 24 ft 
span was tested. The structure is a two-lane bridge consisting of five glued-laminated girders 
and a transverse glued-laminated deck. 
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The problems inherent in the Butler Co. Bridge were immediately apparent upon 
initial inspection of the wearing surface and deck panels. Severe full-width transverse 
cracking was evident at every deck panel joint along the entire length of the bridge as shown 
in Fig. 2.7. The transverse cracks were approximately 2 in. wide and in most cases, the 
moisture barrier between the deck and the asphalt was visible and often severed. These 
cracks were found to be the result of severe cupping of the deck panels, concave upwards, 
which is believed to be the result of changes in moisture content, which may have been 
compounded by initially being slightly cupped at the time of installation. Figure 2.8 
illustrates the cupping of the deck panels, and the resulting gaps between the deck and the 
girders. The cupping of the panels has resulted in gaps between adjacent deck panels of 
approximately 0.5 in. 
Figure 2.7. Butler County Bridge ~ti~earing surface deterioration. 
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Figure 2.8. Cupping of deck panels on the Butler Co. Bridge. 
The global deflection performance of the Butler Co. Bridge was within recommended 
limits as shown in Tables 2.1 and 2.2. Girders near and directly under the load resisted the 
greatest percentage of the load, while those away from the load resisted a significantly 
smaller percentage. Distribution factors approximated from the measured deflections suggest 
that the equations used to approximate the distribution factors in the design code are 
conservative for all girders, except the exterior girders when the load truck is positioned near 
the curb. 
The deflection behavior of the Butler Co. deck panels is different from what is 
typically seen for bridges of this type, largely due to the cupping of the deck panels. 
Typically, the differential panel deflections will increase once for the passage of one axle. In 
the case of the Butler Co. Bridge, due to the cupping of the deck panels the differential panel 
deflections increase three times for the passage of one axle. This behavior is illustrated in 
Fig. 2.9. The largest differential panel deflections occurred when one rear tandem axle was 
positioned similar to the top left figure in Fig. 2.9 and the other rear tandem axle was 
positioned similar to the bottom figure in Fig. 2.9. This configuration produced differential 
deflections of approximately 0.18 in. 
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Figure 2.9. Illustration of differential panel deflection on the Butler Co. Bridge. 
Panel deflections relative to the girders were approximately 0.15 in., and both these 
deflections and the calculated differential panel deflections were greater than the 
recommended limit of 0.1 in. The cupping of the panels not only increases the magnitude of 
the differential deflections, but just as important, also increases the number of stress reversals 
in the wearing surface. Thus, the cupping of the deck panels is both directly and indirectly 
responsible for the cracking, raveling, and disintegration of the asphalt above the panel joints. 
The Lost Creek Bridge (Appendix C, [33]), located near Mount Hood, OR is a three-
span bridge consisting of a 47-ft main span and two 14 ft — 3 in. end spans that essentially 
cantilever over the piers. The structure is composed of three full-length glued-laminated 
girders, a transverse glued-laminated deck interconnected with steel dowels, has a timber side 
walk on one side, and a slight taper at one end. 
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The performance of the Lost Creek Bridge under static live loading was within 
recommended limits. Global girder and panel deflection were both within acceptable limits 
although as with the Wittson and Russellville Bridges, a stair step pattern was evident in the 
deflection diagrams. The stair step pattern is believed to be due to the swelling of the deck 
panels in combination with the presence of the steel dowels. Maximum differential girder 
deflection for the main span was approximately 0.13 in. when the load truck was positioned 
either near the curb or near the sidewalk. 
Figure 2.10 shows the condition of the asphalt wearing surface on the Lost Creek 
Bridge. Due to complications in the field, differential panel deflections were unable to be 
determined. However, panel deflections were calculated relative to the girders and were 
approximately 0.05 in., which is less than the recommended limit of 0.1 in. Therefore, due to 
the lack of longitudinal and transverse cracking in the asphalt wearing surface along with the 
magnitude of the relative girder and panel deflections, the live load deflection behavior of the 
bridge does not appear to be affecting the condition of the wearing surface on the Lost Creek 
Bridge. 
rigure 2.10. Lost Creek Bridge wearing surface in 2002. 
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The final glued-laminated girder bridge tested was the Chambers County Bridge 
(Appendix G, [37]), located near Auburn, AL. This structure spans 51 ft — 6 in., is a two-
lane, single span bridge consisting of six girders with a transverse glued-laminated panel 
deck. Inspection of the wearing surface at the time of testing found several areas of notable 
deterioration, which has occurred in the three years since the asphalt had been placed in 
2000. Judging by photographs from previous inspection reports similar levels of 
deterioration were evident in the wearing surface prior to 2000 as well. Figure 2.11 
illustrates the condition of the asphalt wearing surface on the Chambers Co. Bridge in 2003. 
Deterioration of the asphalt ranged from transverse cracking above the panel joints, other 
minor transverse cracking, small potholes, and raveling. In addition to the deterioration of 
the wearing surface on the bridge, the asphalt approaches were also significantly deteriorated. 
The asphalt in one lane of one approach was almost completely deteriorated and had been 
replaced with limestone. 
Figure 2.11. Chambers Co. Bridge wearing surface in 2003. 
From Table 2.1 and 2.2, it is evident that the overall deflection performance of the 
structure is within recommended limits (maximum girder deflections were approximately 
—0.65 in. in 1995 and —0.85 in. in 2003). The increase in the girder deflection from 1995 to 
2003 could be attributed to any number of factors and is not uncommon. More importantly, 
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the larger deflection measured in 2003 is still within current recommended limitations. The 
lack of longitudinal cracking in the wearing surface is the only indication that the differential 
girder deflections, which were typically less than 0.25 in., are not a significant factor 
affecting the condition of the wearing surface. 
However, transverse cracking over the panel joints suggests that relative and 
differential panel deflections are critical to the performance of the wearing surface. 
Maximum differential panel deflections calculated in 1995 and 2003 were 0.08 in. and 0.06 
in., respectively. As with several other bridges, based on the level of reduction applied to the 
0.1 in. limit due to the asphalt wearing surface, these deflections may or may not be 
significant. Panel deflections relative to the girders in both years were found to be less than 
the recommended limit of 0.1 in. Potholes found in the asphalt suggest that some other 
factor, in addition to differential panel deflection, is causing the deterioration of the wearing 
surface. Possible sources include: the asphalt mix design, asphalt placement procedures, 
accumulation of debris causing further deterioration, as well as other factors. The 
deterioration of the asphalt approaches, which could simply be the result of a poor sub-base, 
may also indicate that the asphalt mix is partially responsible. Considering all this, it is 
evident that differential panel deflection is at least partially responsible for the deterioration 
of the asphalt wearing surface, although other factors appear to be contributing as well. 
2.1.3 Discussion 
The structural performance of the eight glued-laminated girder bridges tested for this 
project, in terms of global deflection, was found to be adequate and within recommended 
limits for all load cases investigated. This is summarized in Tables 2.1, 2.2, and 2.3. Table 
2.3 also lists all eight bridges along with key physical attributes of each bridge, maximum 
girder and differential panel deflections from the 1995, 2002, and 2003 load tests, and the n-
values calculated from those measured deflections. 
Inspection of the bridges both before and concurrent with testing found signs of at 
least some level of deterioration in all components except the girders. Examples of the types 
of deterioration found include: cupping of the deck panels, splitting of longitudinal wearing 
planks, increases in moisture content of the deck panels, cracking and potholes in the asphalt, 
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and gaps between the deck panels. From the collected data, live load deflection is believed to 
be partially responsible for the deterioration found in the wearing surfaces on these bridges. 
There were two types of wearing surfaces used on the eight timber girder bridges 
tested, longitudinal planks and asphalt. The performances of these two different wearing 
surfaces under live loading was as different as the wearing surfaces themselves. The 
longitudinal plank wearing surfaces, utilized on the Badger Creek and Camp Creek Bridges, 
performed exceptionally well under live loading. Some signs of deterioration were evident in 
the longitudinal planks on the Camp Creek Bridge; however, this was determined to be the 
direct result of the weather conditions and traffic induced wear and, at most, indirectly by 
live load deflections. The Badger Creek Bridge showed no signs of deterioration of its 
wearing surface and differential panel deflections were found to be small, as shown in Table 
2.3. These small differential panel deflections may be partly the result of the longitudinal 
planks themselves. The planks are not designed, nor intended, to distribute loads 
transversely or longitudinally on the structure. Nevertheless, these panels may be doing 
exactly that, transferring the load longitudinally from panel to panel, reducing differential 
panel deflections and thereby preventing deterioration of the planks themselves. 
Although differential panel deflections were unable to be calculated for the Camp 
Creek Bridge, the similarities in span, girder size, panel size, and girder deflections with 
those of the Badger Creek Bridge suggests that differential panel deflections would be 
similar as well. However, this structure did exhibit some uncharacteristic behaviors in terms 
of deflection response to loading. These behaviors are believed to be due to the localized 
transfer of load longitudinally by the wearing planks, increased stiffness provided by the 
planks at the interior of the bridge, and the large curb sections providing additional stiffness 
to the exterior of the bridge. The nature of these behaviors and the deterioration evident in 
the planks and asphalt wearing surfaces on the deck suggest that factors other than live load 
induced deflections are responsible. 
Based on the measured deflections and the condition of the wearing surfaces for both 
the Badger Creek and Camp Creek bridges, the performance of single lane glued-laminated 
timber girder bridges, which utilize longitudinal timber planks for a wearing surface, is above 
average. The longitudinal planks appear to have the affect of distributing the load 
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longitudinally from panel to panel, thereby reducing the differential panel deflections. In 
addition, the timber planks appear to withstand live load deflections rather effectively. 
For the most part, the condition of the asphalt wearing surfaces on the other six 
bridges was poor with one exception, the Lost Creek Bridge. The Lost Creek Bridge was the 
only bridge to have no signs of cracking, transverse or otherwise, in its asphalt wearing 
surface. The other five bridges had significant transverse cracking in the asphalt wearing 
surface along with minor transverse and longitudinal cracking as well. 
Whether or not the lack of cracking in the wearing surface of the Lost Creek Bridge is 
due to small differential panel deflection is unknown since differential panel deflections were 
unable to be calculated. The possibility exists that the condition of the wearing surface is 
preserved by the design and resulting deflection performance of the bridge. The three-span 
continuous glued-laminated timber girders span the long center span and are cantilevered 
over the piers creating the short end spans. The abutments consist of timber backwalls 
attached to the girders with steel angles and through bolts. This configuration, large center 
span with short cantilever end spans, in addition to this being a single lane bridge, may 
possibly reduce the deflections and subsequently prohibit the development of cracks in the 
asphalt wearing surface. In addition, the presence of steel dowels connecting adjacent deck 
panels together maybe reducing the differential panel deflections. As shown in Table 2.3, 
the maximum deflections for this bridge are small, both in magnitude as well as when 
comparing the corresponding n-value of 2032 with the recommended deflection limit of 
L/3 60. 
The remaining flue bridges (Erfurth, Chambers Co., Wittson, Russellville, and Butler 
Co.) had varied but significant levels of deterioration in their asphalt wearing surfaces. The 
majority of the deterioration was transverse cracking in the asphalt directly above the panel 
joints. For some bridges, these cracks were along each panel joint, for other bridges the 
cracks were only over some of the panel joints. Moreover, the cracks ranged in width from 
minor hairline cracks to cracks nearly 2 in. in width. 
From the data in Table 2.3, it is evident that the live load deflection performance of 
the bridges is as varied as the levels of wearing surface deterioration. Overall, calculated n-
values for the five bridges ranged from approximately 500 to nearly 2000 and differential 
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panel deflections ranged from negligible to just over 0.2 in. The large variance in the n-
values from one load case to another for an individual bridge is often attributed to the shift of 
the load truck from near the longitudinal centerline of the bridge to near the curb. Placement 
of the load toward the centerline of the bridge allows for load to be distributed to a greater 
number of girders than does placement of the load truck near the curbs, resulting in smaller 
deflections and larger n-values. The recommended limit on both panel deflection relative to 
the girders and differential panel deflection of 0.1 in. presented in [24] is intended to be used 
in addition to other deflection limits for bridges and a reduction in this limit is suggested 
when asphalt wearing surfaces are used on the bridge. Several bridges exceeded this 
recommended limit for differential panel deflection, but were within the limit for panel 
deflections relative to the girders. 
To study the relationship between deterioration severity and other bridge 
characteristics, ascale was created to rate the deterioration of the wearing surfaces. Bridges 
with severe transverse cracking at each panel joint, such as the Butler Co. Bridge, were rated 
as 2. Bridges with moderate transverse cracking as well as other minor cracking, such as the 
Chamber Co. Bridge, were rated as 5. Bridges with minor or no cracking, such as the Lost 
Creek Bridge, were rated as a 9. These ratings are summarized in Table 2.3. 
The largest differential panel deflections were found to be the result of two factors. 
First, in the case of the Butler Co. Bridge, the differential panel deflections and significant 
deterioration of the asphalt were found to be due to the cupping of the deck panels. The 
cupping of the deck panels results in multiple stress reversals in the wearing surface for each 
load that passes over the joint. Whereas flat panels typically only experience one stress 
reversal per load passage. Second, in the case of the Russellville Bridge, transverse cracks 
are believed to be the result of larger girder spacing. The wider girder spacing may result in 
larger relative and differential panel deflections over the piers and subsequently transverse 
cracks over the piers. 
Looking at all five bridges with asphalt wearing surfaces as, several conclusions may 
be drawn from the results listed in Table 2.3. First, the magnitude of the girder deflections 
appears to be irrelevant. However, the girder deflections relative to the span length, or the n-
values, do provide some useful information. The one structure without transverse cracking in 
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the wearing surface, the Lost Creek Bridge, had n-values near 2000. The n-values for those 
bridges with transverse cracking were typically lower than 1200. Third, based on the n-
values and the differential panel deflections, neither large girder deflection alone nor large 
differential panel deflections alone appear to be the cause of the cracking seen in the asphalt 
wearing surfaces. Rather, the combination of large girder deflections with differential panel 
deflection of generally any magnitude appears to be the controlling factor. However, as 
mentioned previously, the asphalt mix design and other factors may also be affecting the 
transverse cracking seen in the tested bridges. 
2.1.4 Recommendations 
Recommendations for future design of glued-laminated timber girder bridges with 
transverse glued-laminated timber panel decks and asphalt wearing surfaces are as follows: 
Bridge deflections should be limited by a more restricted limit than L/360; 
L/1500-L/2000 appears more appropriate. Comparing the n-values of the bridges 
with wearing surfaces with high condition ratings with the n-values of the bridges 
with wearing surfaces with low condition ratings, it is apparent that those bridges 
with higher n-values had better performing wearing surfaces. Although it is believed 
that reducing deflections may decrease deck deterioration, it is also recognized that a 
significant increase in the deflection criteria, as is recommended, may result in 
structural members that provide more load capacity than is necessary. Thus, this may 
not be the most cost effective solution to the problem. 
Amore strict limit on differential panel deflection should also be applied, 
possibly 0.05 in. or less, and should be applied in addition to the L/n limit. 
Despite the fact that the magnitude of the differential panel deflections was found to 
be less significant than the fatigue resulting from the repetition of differential 
deflections, a reduction in the limit is still believed to result in better performing 
wearing surfaces. 
Girder spacing should be limited to within the recommended limits. The 
variance in the wearing surface deterioration over the piers on the Wittson and 
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Russellville bridges is believed to be compounded by the Large girder spacing on the 
Russellville Bridge. 
Insure that the deck panels are initially flat, are securely attached, and protected 
such that they will remain in the same condition as at the time of installation. As 
was clearly shown in the performance of the wearing surface of the Butler Co. 
Bridge, the condition of the deck panels (specifically, the cupping of the deck panels) 
is believed to be the significant factor affecting the deterioration of the asphalt. 
Research is needed to develop inexpensive, construction friendly and effective 
methods to reduce differential panel deflections for both newly constructed and 
existing structures. Because differential panel deflections are a significant factor in 
the deterioration of the wearing surfaces, methods to reduce differential deflections 
on newly constructed timber bridges that may also be applied to existing structures to 
remediate the current deterioration as well as similar deterioration in future wearing 
surfaces, is warranted. 
Deck systems that incorporate deck panels, longitudinal planks (or other 
longitudinal elements), and asphalt may be an effective means of reducing deck 
deterioration. Based on the excellent performance of the longitudinal timber plank 
wearing surfaces of the Badger and Camp Creek bridges, one possible solution to the 
problems with the deterioration of the wearing surfaces is a combination of 
longitudinal elements and asphalt wearing surfaces. 
Further investigation into the asphalt mix design may be necessary. Past research 
has indicated that the design of the asphalt mixes used on these structures may be 
partially responsible; thus, further research may be necessary into the design of the 
asphalt mixes used on these types of timber bridges. 
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2.2 Longitudinal Glued-Laminated Timber Panel Bridges 
2.2.1 Background 
Another common type ofglued-laminated timber bridge is the longitudinal panel 
bridge, which consists of glued-laminated panels spanning longitudinally from support to 
support as the main load resisting members. Transverse stiffener beams are attached to the 
underside of the panels to distribute loads from panel to panel and to minimize differential 
deflections. These structures are typically one or two lanes and are common for spans up to 
approximately 35 ft [24]. 
To investigate the source of the deterioration commonly seen in the wearing surfaces 
of these types of bridges, four bridges that met the needs of this project were located, 
inspected, and field-tested. Data collected from these visual inspections and field load tests 
were analyzed and presented previously in four individual reports titled Live Load Deflection 
of Timber Bridges (Appendix A-L, [31]-[43]). The results from these reports are the basis 
for this section of this report. 
All four of the bridges had asphalt wearing surfaces, which varied in depth from 2.5 
to 6 in., timber guardrails, and three of the four had timber curbs. Three of the four bridges 
were founded on sheet pile abutments and the fourth on concrete abutments. 
2.2.2 Results 
The deflection performance of each bridge and the condition of its wearing surface 
related to that performance will be discussed in short individually followed by a discussion of 
the overall performance of the four bridges and the effects of live load deflection on wearing 
surface condition. Deflection checks for timber deck bridges are evaluated similar to girder 
bridges and are based on deflection criteria typically of the form L/n, L being clear span in 
inches. Listed in Table 2.1 are the deflection criteria found in [ 1 ], [2], and [24], the current 
design specifications and guide manual. In addition, [24] also suggests limiting differential 
panel deflection to 0.1 in. A further reduction in this limit is suggested in the presence of an 
asphalt wearing surface. The performance of the subject bridges will frequently be compared 
to these criteria in the subsequent discussion. 
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For comparison, the value of n using the maximum measured deflections from all 
load cases investigated on these four bridges are listed in Table 2.4. Since the deflection 
criteria found in the specifications are based on the design truck, the experimental n-values 
were normalized, by total truck weight, to the design truck used for that specific bridge. 
Table 2.4.  Ex erimental n-values, anel brid es. 
Report Bridge Load Exp. Exp. 
Number Name Case n-value n-value (1996) (2003) 
1 
9 
10 
East 
Main St. 
Angelica 
Creek 
913 895 
2 788 808 
3 870 919 
4 748 778 
1 
390 417 
2 334 324 
3 383 386 
4 292 278 
1 
589 656 
11 Bolivar 2 589 670 
614 635 
572 620 
3 
4 
1 
342 
12 Scio 2 3 85 
3 360 
4 353 
412 
441 
408 
391 
The East Main Street Bridge (Appendix I, [39]), located in Angelica, NY is a two 
lane structure spanning 30 ft — 6 in. and consists of eight 14.25 in. x 4 ft — 5 in. glued-
laminated panels. Large glued-laminated curb sections are located on both sides of the 
bridge and double as guardrail. Figures 2.12 and 2.13 show the condition of the wearing 
surface in 2000 and 2003, respectively. Several full and partial length longitudinal cracks 
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were found in the asphalt wearing surface at the time of testing in 2003 and photographs 
from previous inspections showed similar levels of deterioration in the years prior to testing. 
Figure 2.12. East Main St. Bridge ~~-earing surface in 2000. 
Figure 2.13. East Main St. Bridge wearing surface in 2003. 
For both the 1996 and 2003 tests, the overall deflection performance of the bridge 
was found to be within acceptable limits. The deflections were relatively similar for both 
load tests, indicating that, structurally the bridge has incurred little deterioration. Maximum 
panel deflection measured in 2003 was —0.46 in.; this deflection corresponds to an n-value of 
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748, which is approximately twice the deflection limit. In addition, the distribution factors 
approximated using the measured deflections were found to be less (i.e., better lateral load 
distribution characteristics) than the wheel load factors (WLF) specified in [24] for the 
design of longitudinal deck panels. The small measured deflections and distribution factors 
suggest that the bridge is stiffer than assumed in design. 
Slight variances in the deflection performance were evident when the load truck was 
shifted from the centerline position to the near curb. Larger overall deflections were 
measured when the truck was near the curb than when near the centerline. This is believed to 
be the result of the large curb sections and variances in load distribution. It is evident from 
Fig. 2.14 that transverse load distribution is more effective when the load is near centerline. 
In addition, Fig. 2.14 also indicates that the curbs tend to decrease the deflection of the 
exterior side of the exterior panels when the load truck is near centerline. The curbs appear 
to act as beams/girders located at the edges of the deck. Without the large curbs, the 
deflection of the exterior panels would be increased for the load cases involving the load 
truck near the curb. 
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Figure 2.14. Maximum midspan panel deflections, East Main St. Bridge. 
Differential panel deflections were typically found to be less than 0.04 in. and were 
the greatest adjacent to the load truck. Compared to the 0.1 in. limit on differential panel 
deflection recommended by [24] the calculated differential deflections appear to be adequate. 
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However, based on the condition of the asphalt wearing surface and the presence of the 
longitudinal cracks above the panel joints in 2000 and 2003, the differential deflections 
appear to be contributing to the deterioration of the wearing surface. 
As discussed previously, load distribution via the transverse stiffener beams, although 
affected by the curbs, was found to be better than typically assumed in designed. In addition, 
the effectiveness of the stiffener beams to reduce differential panel deflections was 
investigated. Figure 2.15 illustrates the differential deflection along one panel joint both 
adjacent to and midway between two stiffener beams. Lines with open data points represent 
differential deflections midway between two stiffener beams; lines with solid data points 
represent differential deflections adjacent to the stiffener beams. The differential panel 
deflections shown in Fig. 2.15 indicate that the stiffener beams have little to no effect on 
reducing the differential panel deflections. 
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Figure 2.15. Differential panel deflections along joint J7, East Main St. Bridge. 
In reference to the criteria in the current design specifications regarding global and 
relative panel deflection, the performance of the East Main St. Bridge was found to be within 
limits. However, based on the condition of the asphalt wearing surface, differential panel 
deflections do appear to be a factor contributing to the repeated and consistent deterioration 
of the asphalt wearing surface. 
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The Angelica Creek Bridge (Appendix J, [40]) is located just outside the town of 
Angelica, NY. This two lane bridge spans 21 ft — 4 in. and consists of seven 8.75 in. x 4 ft —
2 in. glued-laminated panels, timber guardrails, and has no curbs. At the time of testing in 
2003, no cracking was evident in the wearing surface because a new layer of asphalt had 
been placed over the bridge shortly before testing. However, from photographs in previous 
inspection reports, several full and partial length longitudinal cracks were evident in the 
asphalt wearing surface. Figures 2.16 and 2.17 show the condition of the wearing surface in 
1998 and 2003, respectively. 
Figure 2.16. Angelica Creek Bridge wearing surface in 1998. 
Cupping of the exterior panels (concave downward) was evident, but is not believed 
to be severely affecting the condition of the asphalt wearing surface since the level of 
cracking over the panel joints was consistent along the entire width of the bridge deck. The 
cupping of the exterior panels is believed to be the result of the expansion of the panels due 
to increases in moisture content that is restricted by the connection of the panels and stiffener 
beams to the base of the guardrail posts. This expansion and cupping of the exterior panels 
has also resulted in the rotation of the guardrail posts. 
Figure 2.17. Angelica Creel: Bridge wearing surface in 2003. 
For both the 1996 and 2003 tests, the overall performance of the bridge varied 
compared to the specified deflection criteria. From Table 2.4 it is evident that the deflection 
of the bridge exceeds the acceptable limit of L/360 for load cases where the load truck is 
positioned near the curb. Figure 2.18 shows the distribution factors calculated for each load 
case in 2003, which are slightly less than the wheel load factors (WLF) specified in [24] for 
design of longitudinal deck panels. Figure 2.18 suggests that transverse load distribution, as 
well as other factors, may be affecting the deflection performance of the bridge. 
Despite the varied performance compared to the deflection criteria, little change was 
evident from 1996 to 2003 in the deflection data indicating that the performance of the bridge 
over the years has remained relatively consistent. Maximum deflections for load cases 1 — 4 
in both 1996 and 2003 were approximately —0.6 in., -0.7 in., -0.6 in., and —0.8 in., 
respectively. Differential panel deflections in both 1996 and 2003 were less than 0.07 in. and 
were the greatest adjacent to the load truck. Compared to the 0.1 in. limit on differential 
panel deflection, the calculated differential deflections seem to be adequate. However, the 
significance of the differential deflections is more evident in the condition of the asphalt 
wearing surface and the presence of the longitudinal cracks above the panel joints in 1998. 
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The significant longitudinal cracks located at each panel joint suggest that these differential 
panel deflections are at least one factor affecting the deterioration of the wearing surface. 
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Figure 2.18. Experimental and codified distribution factors, Angelica Creek Bridge. 
In addition to the effectiveness of the stiffener beams to distribute loads, the 
effectiveness of the stiffener beams to reduce differential panel deflections was also 
investigated. Differential panel deflections calculated both adjacent to and midway between 
two stiffener beams indicates that the stiffener beams have little to no effect on the 
differential panel deflections. 
Overall, the deflection performance of the bridge is dependant on the load position 
and is within limits when loaded within the normal traffic lanes. In addition, differential 
panel deflections appear to be one factor affecting the condition of the asphalt wearing 
surface. However, other factors may also be contributing to this deterioration. 
The Bolivar Bridge (Appendix K, [41 ]), located near Bolivar, NY is a two-lane bridge 
spanning 28 ft — 8 in., is 26 ft — 1 in. wide, and consists of six 15 in. x 4 ft — 4 in. glued-
laminated deck panels, large timber curbs, and metal guardrails. Several full and partial 
length longitudinal cracks were found in the asphalt wearing surface at the time of testing, 
and photographs from previous inspections revealed similar levels of deterioration in the 
years prior to testing. Figures 2.19 and 2.20 show the relatively poor condition of the 
wearing surface in 2000 and 2003, respectively. These cracks were found to be located 
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directly above the panel joints, and there are locations of random transverse and longitudinal 
cracking in the wearing surface. 
In addition to the wearing surface, the deck panels also showed signs of deterioration. 
Longitudinal splits were found in the underside of the deck panels at several locations. The 
most significant cracks were located between the end of the transverse stiffener beams and 
the edge of the deck. Additionally, expansion of the panels, which is believed to be due to 
increases in moisture content, has resulted in crushing of the exterior of the panels at the 
abutments against the sheet pile abutment walls. This expansion has also resulted in the 
shifting of the panels and subsequently, the rotation of the connectors that attach the panels to 
the abutment cap. In addition, significant gaps were evident between adjacent deck panels as 
well as between the panels and the transverse stiffener beams. 
In terms of global deflection, the performance of the Bolivar Bridge in both 1996 and 
2003 was within specified limits, as is evident from Table 2.4. Maximum panel deflection in 
1996 was approximately —0.56 in. and in 2003 was approximately —0.52 in. The general 
shape of the deflection diagrams for both years suggest that load distribution via the 
transverse stiffener beams is adequate compared to the wheel load factors (WLF) specified in 
[24] for the design of longitudinal deck panels. Distribution factors calculated from the 
measured deflections were typically less than the codified WLF's. 
Figure 2.19. Bolivar Bridge wearing surface in 2000. 
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Figure 2.20. Bolivar Bridge wearing surface in 2003. 
Figure 2.21 illustrates the maximum midspan deflection of the panels in 2003. A 
significant decrease in deflection is evident between the transducer on the interior edge of the 
exterior panel and the transducer on the exterior edge of that same panel. The large curb 
sections located along the exterior edge of the exterior panels are likely the source of this 
decrease in deflection. The large curbs act as girders adding stiffness to the exterior of the 
bridge. In addition, the fact that the transverse stiffeners terminate at the middle of the 
exterior panels may reduce load distribution to the exterior panels, thereby reducing 
deflections. 
In addition to global panel deflection, differential panel deflections are equally 
important. Differential panel deflections in 1996 and 2003 were typically found to be less 
than 0.05 in. and 0.03 in., respectively, and were the greatest adjacent to the load truck. 
Compared to the 0.1 in. limit on differential panel deflection recommended by [24] the 
calculated differential deflections seem to be adequate. However, the significance of the 
differential deflections may be more evident from the condition of the asphalt wearing 
surface and the presence of the longitudinal cracks above the panel joints. The calculated 
differential deflections may be compounded by the behavior of the exterior panels and the 
curbs. Because of the curbs, the interior panels are in effect more flexible than the exterior 
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panels resulting in larger differential panel deflections between the interior and exterior 
panels than might be expected for a similar structure without curbs. In addition, the gap 
between the panels and the stiffener beams may cause increases in the differential panel 
deflections, and consequently the deterioration of the wearing surface. 
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Figure 2.21. Maximum midspan panel deflections in 2003, Bolivar Bridge. 
As discussed previously, load distribution via the transverse stiffener beams was 
found to be better than typically assumed in design. The effectiveness of the stiffener beams 
to reduce differential panel deflections, however, was found to be minimal. 
In brief, the performance of the Bolivar Bridge under live loading is within current 
deflection limits. However, the combination of live load deflections, termination of the 
stiffener beams prior to the edge of the bridge, and the presence of relatively large curbs on 
the deck appear to be affecting the condition of the asphalt wearing surface. Differential 
panel deflections induced by live loads and compounded by the additional stiffness along the 
edge of the bridge due to the curbs appear to be the source of the longitudinal cracks in the 
wearing surface. In addition, other factors may be contributing to this deterioration. 
The last deck bridge tested in New York was the Scio Bridge (Appendix L, [42]), 
which is located near Scio, NY. This two lane bridge spans 20 ft — 8 in., is 31 ft — 2 in. wide, 
and consists of seven 9 in. x 4 ft — 4 in. glued-laminated timber panels. The bridge has large 
timber curbs, which also double as the guardrail, and an asphalt wearing surface. 
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There were only a few locations of deterioration evident in the asphalt wearing 
surface on the Scio Bridge. One such location is shown in Fig. 2.22. Evident in Fig. 2.22 is 
a longitudinal crack along the majority of the span located near the outside wheel line of the 
eastbound lane over a panel joint. Similar deterioration was also found in the westbound lane 
near the white line marking the lane boundary. In addition, transverse cracks were found at 
each abutment and a pothole approximately 6 in. in diameter was found near the northeast 
corner of the westbound lane. This structure is classified as a culvert due to its short span 
length, therefore, no inspection reports were available that document the condition of the 
wearing surface in previous years. 
Figure 2.22. Scio Bridge wearing surface in 2003. 
The deflection performance of the Scio Bridge in both 1996 and 2003 in terms of 
global panel deflection varied depending on load position, as is evident from Table 2.4. 
Maximum panel deflection in 1996 was approximately —0.68 in. and in 2003 was 
approximately —0.58 in. In 1996, the bridge failed to meet or narrowly met the design 
criteria for deflection for all load cases investigated. However, the deflection performance of 
the bridge improved in 2003 and was within specified limits for all load cases. This 
improvement in live load deflection performance is not uncommon and may be the result of 
changing support conditions, changes in moisture content, as well as other factors. The 
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general shape of the deflection diagrams for both years suggest that load distribution via the 
transverse stiffener beams is adequate compared to the wheel load factors (WLF) specified in 
[24] for design of longitudinal deck panels. In addition, distribution factors calculated from 
the measured deflections were typically less than the codified WLF's. 
A significant decrease in deflection was evident between the transducer on the 
interior edge of the exterior panel and the transducer on the exterior edge of that same panel 
as shown in Fig. 2.23. This decrease is likely caused by the large curb sections located along 
the exterior edge of the exterior panels. The large curbs act as girders adding stiffness to the 
exterior of the bridge. 
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Figure 2.23. Maximum midspan panel deflections, Scio Bridge. 
In addition to global panel deflection, differential panel deflections are equally 
important. Differential panel deflections in 1996 and 2003 were typically found to be less 
than 0.03 in. and 0.04 in., respectively, and were the greatest adjacent to the load truck. 
Compared to the 0.1 in. limit on differential panel deflection recommended by [24] the 
calculated differential deflections seem to be adequate. However, the presence of 
longitudinal cracks in the wearing surface suggests that the differential deflections may be 
significant. The calculated differential deflections may be compounded by the behavior of 
the exterior panels and the curbs. Because of the curbs, the interior panels are in effect more 
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flexible than the exterior panels which results in larger differential panel deflections between 
the interior and exterior panels. 
Load distribution via the transverse stiffener beams was found to be more adequate 
than typically assumed in designed as discussed previously. In addition, the effectiveness of 
the stiffener beams to reduce differential panel deflections was also investigated. Differential 
panel deflections calculated both adjacent to and midway between two stiffener beams 
indicated that the stiffener beams have little to no effect on the differential deflections. 
In brief, the performance of the Scio Bridge under live loading has improved from 
1996 to 2003. Failure to meet the recommended deflection criteria may be the result of the 
relatively thin 9 in. deck. However, the longitudinal cracking in the asphalt wearing surface 
was minimal, and the magnitude of the differential panel deflections were small compared to 
current recommended limits. The longitudinal cracks evident in the wearing surface may be 
the result of live load deflections, both global and differential, compounded by the additional 
stiffness along the edge of the bridge due to the curbs. In addition, the presence of potholes 
on the bridge deck suggests that other factors, such as asphalt mix design, may be 
contributing to the deterioration of the wearing surface. 
2.2.3 Discussion 
The structural performance of the four glued-laminated timber panel bridges tested 
for this project, in terms of global deflection, varied for each bridge as well as each load case. 
This is evident by the n-values listed in Table 2.4 and again in Table 2.5, which also lists key 
physical attributes of each bridge and maximum panel and differential panel deflections from 
the 1996 and 2003 load tests. The large difference between the recommended deflection 
criteria and that obtained from the experimental n-values may be attributed to several factors. 
The panels may have been initially over designed to reduce deflections or the deflection limit 
state may not have controlled. Transverse load distribution from panel to panel via the 
transverse stiffener beams may be better than typically assumed in design. Changes in 
moisture content, support conditions, and other factors may also result in smaller deflections 
than those predicted in design. In addition, it is believed that the presence of large timber 
curb sections provides significant additional stiffness to the bridge thereby reducing 
deflections and subsequently the calculated n-values. 
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Inspection of the bridges both before and after testing found signs of at least some 
level of deterioration in all components of the bridges. Examples of the types of 
deterioration found include: cupping of the deck panels, splitting of longitudinal deck panels, 
increases in moisture content of the deck panels, cracking and potholes in the asphalt, gaps 
between the deck panels, and localized crushing of the stiffener beams. From the collected 
data, live load deflection is believed to be partially responsible for the deterioration found in 
the wearing surfaces on these bridges, and possibly indirectly responsible for the other modes 
of deterioration evident. 
Two of the four bridges were approximately 30 ft in length and the other two were 
approximately 20 ft in length. The two longer bridges had a difference in length of only 2 ft, 
but had similar sized longitudinal panels and large timber curbs. Although there were only 
subtle differences between these two bridges physically, a large difference in deflection 
performance is evident in Table 2.5. The maximum panel deflection for the East Main St. 
Bridge was approximately —0.45 in., which is approximately the minimum measured panel 
deflection for the Bolivar Bridge. However, the differential panel deflections for the two 
bridges were relatively similar for all but one load case. 
Possible explanations for this variance in deflection performance are differences in 
the number of deck panels, the level of transverse load distribution, and slight differences in 
span length. Figures 2.24 and 2.25 illustrate the maximum midspan panel deflection for the 
East Main St. and Bolivar bridges, respectively. Transducers were only installed on the outer 
edge of one exterior panel, therefore, the first transducer in Fig. 2.24 corresponds to the 
inside edge of the exterior panel. From these figures it is evident that load is not being 
distributed to the exterior two panels on the East Main St. Bridge when the load is near the 
opposite curb. This indicates that the six panels nearest the load truck resist the majority of 
the load for that particular load case; whereas for the Bolivar Bridge, the load appears to be 
distributed to all of the panels. The deflection behavior just discussed indicates that the 
degree of load distribution is relatively similar for both bridges. For load cases where the 
load truck is near the centerline of the bridge, load distribution and the number of panels 
appears to be more of a factor. 
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Figure 2.24. Maximum midspan deflection, East Main St. Bridge. 
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Figure 2.25. Maximum midspan deflection, Bolivar Bridge. 
For a given panel depth and width, classic beam theory would suggest that the longer 
span of the East Main St. Bridge would produce larger deflections. However, based on the 
measured deflections in Figs. 2.24 and 2.25, the span length does not appear to have a 
negative effect on the magnitude of the panel deflections. Other possible sources of the 
variance in deflection performance include: support conditions, changes in the material 
properties of the glued-laminated timber panels, as well as other factors. Regardless of the 
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difference in the level of deflection performance, the level of deterioration evident in the 
wearing surfaces on these two bridges was comparable, as shown in Figs. 2.26 and 2.27. 
Figure 2.26. East Main Street Bridge wearing surface in 2000. 
Figure 2.27. Bolivar Bridge wearing surface in 2000. 
48 
Comparing the two shorter bridges and their performance under live load, both 
similarities and differences are evident from Table 2.5. The similarities between the 
Angelica Creek and Scio bridges are the span length, depth of panels, and the general 
differential panel deflections. The differences between the two bridges include: the presence 
of curbs on the Scio Bridge, the magnitude of the global panel deflections, the n-values, and 
the deterioration of the wearing surface. 
One obvious factor affecting the deflection performance of these two bridges is 
evident in Figs. 2.28 and 2.29, which illustrate the maximum midspan panel deflection for 
the Angelica Creek and Scio bridges, respectively. These two figures indicate that the 
presence of the large curbs has a significant effect on the deflection of the bridge when the 
load truck is near the curbs. A similar reduction in deflection is evident at the exterior of the 
bridge when the load truck is near the longitudinal centerline. Thus, the presence of the large 
curb sections on the Scio Bridge is at least one factor affecting the deflection performance of 
this bridge. 
The similarity in the differential panel deflections and deflection performance (n-
values) of these two bridges along with the difference in the deterioration of the asphalt 
wearing surfaces suggest that differential panel deflections are not solely to blame for the 
longitudinal cracking evident in 1996 and 2003. 
The following conclusions are drawn from the information listed in Table 2.5. 
Length of span does not appear to have an effect on the amount of deterioration sustained by 
the wearing surface. The longer bridges with typically deeper deck panels were within 
current deflection limits, while the performance of the shorter bridges with shallower deck 
panels varied from within limits to exceeding the limits. Regardless of length, the presence 
of large glued-laminated timber curbs has the effect of stiffening the exterior panels on the 
bridge, thereby affecting the global. deflection of the bridge. This may result in larger 
differential panel deflections near the exterior of the bridge, but does not appear to be 
significantly affecting the condition of the wearing surface, as is evident from the Scio 
Bridge. 
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Figure 2.28. Maximum midspan deflection, Angelica Creek Bridge. 
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Figure 2.29. Maximum midspan deflection, Scio Bridge. 
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For the first three bridges listed in Table 2.5, which have relatively the same level of 
deterioration in the wearing surface, a broad spectrum of deflections are evident. Global 
panel deflections range from as small as —0.3 8 in. to as large as nearly —0.8 in. Thus, the 
magnitude of the global panel deflections themselves does not appear to be contributing to 
the deterioration of the wearing surface. In addition, these deflections relative to the span, or 
the n-values, also appear to have no correlation to the level of deterioration sustained by the 
wearing surface. This is evident by the low n-values and average rating for the wearing 
surface on the Angelica Creek Bridge and the high n-values and similarly average rating for 
the wearing surface on the East Main St. Bridge. 
Not one of these factors alone is believed to result in the deterioration of the asphalt 
wearing surfaces on these bridges. The locations of the longitudinal cracks do indicate that 
the differential panel deflections may be a significant factor. However, it is the repeated 
change in stress generated by these differential deflections, and not the magnitude of the 
differential deflections, that is believed to produce these cracks. This conclusion is based on 
the fact that longitudinal cracking was evident in previous years in the wearing surface of the 
Angelica Creek Bridge, yet no cracks were evident in the newly placed asphalt wearing 
surface at the time of testing in 2003. The global deflection of the panels possibly 
compounds this effect or causes deterioration to the structure other than in its wearing 
surface, but is not directly involved in the deterioration of the asphalt wearing surfaces. 
In addition, the transverse stiffener beams appear to an ineffective means of reducing 
differential panel deflections. However, they do adequately distribute loads laterally from 
panel to panel across the width of the bridge. 
2.2.4 Recommendations 
Recommendations for future design of glued-laminated timber panel bridges with 
asphalt wearing surfaces are as follows: 
The deflection limit of L/360 appears to be adequate for longitudinal glued-
laminated timber panel bridges, but requires attention when using panels of 
approximately 9 in. depth. Based on the deflection performance of the bridges with 
14-15 in. panels, the current deflection limit of L/360 appears to be adequate for these 
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bridges. However, the deflection performance of the bridges with 9 in. thick deck 
panels suggests that caution be taken, in terms of deflection, during the design of 
these bridges. 
Research is needed to develop more effective methods to reduce differential 
panel deflections and distribute loads transversely from panel to panel, which 
may be applied to both new and existing structures. The transverse stiffener 
beams were found to provide some level of lateral load distribution from panel to 
panel, but are having little to no effect on localized differential panel deflections. 
Thus, methods need to be developed that will reduce these deflections which may be 
applied to new bridges as well as old bridges to help remediate and prevent 
deterioration of their wearing surfaces. 
Insure that the panels are initially flat, are securely attached, and protected such 
that they will remain in the same condition as at the time of installation. 
Although no significant cupping was evident in the panels on these bridges, based on 
the performance of the wearing surfaces on the girder bridges with cupped deck 
panels, it seems that a simple precautionary step of insuring the deck panels are 
initially flat and remain flat may also help prevent future wearing surface 
deterioration. 
Further investigation into the asphalt mix design may be necessary. Past research 
has indicated that the design of the asphalt mixes used on these structures may be 
partially responsible; thus, further research may be necessary into the design of the 
asphalt mixes used on these types of timber bridges. 
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3. CONCLUSIONS 
This research involved the inspection and testing of glued-laminated timber bridges to 
investigate the correlation between live load deflection and bridge condition, in particular the 
asphalt wearing surface condition. The majority of this research was conducted and 
presented in 12 reports entitled Live Load Deflection of Timber Bridges (Appendix A-L, 
[31 ]-[42]). These reports document the inspection and live load testing of eight glued-
laminated timber girder bridges and four longitudinal glued-laminated deck bridges. The 
wearing surface condition and performance under live loading of all 12 bridges were 
combined and analyzed in this report to investigate the effectiveness of the current deflection 
criteria and to develop new criteria and design recommendations based on the results of the 
tests. 
The common two wearing surfaces on the tested bridges were longitudinal timber 
planks and asphalt. Only two of the bridges had longitudinal plank wearing surfaces and the 
performance of these two bridges was well within the recommended limits. The timber 
planks are believed to be the source of some additional stiffness resulting in the small 
deflections. In addition, the planks were typically in excellent condition and not believed to 
be affected by live load deflections. Some deterioration was evident in the planks, but the 
nature Of the deterioration suggests that factors other than live load deflection are the source. 
The remainder of the bridges had asphalt wearing surfaces with varying levels of 
deterioration. Deterioration of the asphalt wearing surfaces was typically in the form of 
cracks along the panel joints (transverse on the girder bridges, longitudinal on the deck 
bridges) as well as potholes and miscellaneous longitudinal and transverse cracking. The 
level of cracking also varied. Some of the cracks above the panel joints were newly formed 
hairline cracks or hairline cracks that had not been spread due to further deterioration. Other 
cracks were nearly 2 in. in width with signs of raveling and exposure of the deck panels 
underneath. 
Individually, the performance of the bridges varied compared to the current deflection 
criteria. All of the girder bridges were well within the recommended deflection limit of 
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L/360, with n-values in the range of 500-2000. However, several of the decks on these 
bridges exceeded the recommended differential panel deflection limit of 0.1 in. In contrast, 
compared to the deflection limit of L/360, the deck bridges varied from consistently 
exceeding the limit, to consistently being within the limit from test to test, and all of the deck 
bridges satisfied the limit on differential panel deflection. Little correlation was found 
between the magnitude of the bridge deflections and the deterioration of the asphalt wearing 
surface. For instance, some girder bridges had minor cracking and differential panel 
deflections greater than the suggested limit, while others had much more significant cracking 
of the wearing surface with differential deflections within the recommended limit. 
Therefore, the repeated cycling, not the magnitude, of the differential panel deflections and 
resulting changes in stress in the asphalt layer are believed to be one of the main sources of 
wearing surface deterioration. 
However, neither global nor differential panel deflections alone are believed to be the 
source of the deterioration of the wearing surface. Instead, from the test results it appears 
transverse cracking along the panel joints on timber girder bridges is more severe in the 
presence of both large girder deflections and generally any magnitude of differential panel 
deflection. Cupping of the deck panels, concave upward, significantly increases the effects 
of the differential panel. deflections on the wearing surface. In addition, differential girder 
deflections appear to have resulted in longitudinal cracks in some of the bridges, but there 
does not appear to be a definitive threshold were the magnitude of the differential girder 
deflections is or is not significant. For the deck bridges, the combination of global panel 
deflections, differential panel deflections, and the presence of large timber curbs appear to be 
the most significant factor affecting the condition of the wearing surfaces. The large timber 
curbs behaved like beam/girders at the edges of the bridge and appeared to have an effect on 
transverse load distribution but no obvious effect on the magnitude of the differential panel 
deflections. The transverse stiffener beams were found to have a similar effect. 
Additionally, bridges without timber curbs were found to have larger panel deflections than 
bridges of similar geometry that had timber curbs. 
Data collected from the 1 ~ field tests and inspection reports from both past and 
present inspections indicate that the deterioration of the asphalt wearing surface appears to 
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occur over time. Differential panel deflection does not appear severe enough to immediately 
affect the wearing surface. Rather, over time, the repeated change in stress at the deck level 
caused by the differential panel deflections is believed to result in the cracking of the asphalt 
above the panel joints. The effect of the differential panel deflections is compounded by the 
global deflection of the girders and panels on the girder and deck bridges, respectively. 
The following conclusion and recommendations were made from the results of this 
research: 
A stiffer limit on girder deflection in the range of L/1500 is suggested 
A reduction in the differential panel deflection limit from 0.1 in. to approximately 
0.05 in. is recommended 
The limits on girder spacing provided in [24] should be enforced and not exceeded 
Steps should be taken (possibly requiring further research), to reduce and prohibit the 
cupping of deck panels on these bridges 
A stiffer limit on differential panel deflection for longitudinal panel bridges is 
suggested; but may require further research involving structures with negligible 
wearing surface deterioration 
Development of more effective methods, which may be applied to both newly 
constructed and existing structures, to reduce differential panel deflections and 
distribute loads transversely from panel to panel is needed 
Deck systems incorporating deck panels, longitudinal planks, and asphalt may be an 
effective means of reducing deck deterioration 
Further research is necessary into the asphalt mix design used on these structures 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT} program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal. timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the first in a series aimed at collecting, 
analyzing, developing and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Badger Creek Bridge including testing 
procedures and performance of the bridge under static 
loading. The Badger Creek Bridge is a single-lane, simple-
span, longitudinal glued-laminated girder bridge near 
Portland, Oregon with a clear span distance of 29 ft — 11.25 
in. (See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot' 
pound (lb) 
lb/in' (stress) 
lb/ft' (weight) __ __ 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m`} 
Newton (N) 
Pascal (Pa) 
kilogram/meter' (k 
Objective and Scope 
/m`) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated girder bridges. 
Background 
Several bridges in the Mt. Hood area near Portland, Oregon 
that satisfied the overall needs of the project were identified 
and selected for testing. Figure 1 shows the Portland/Mt. 
Hood National Forest area and the location of the Badger 
Creek Bridge included in this report as well as the other two 
bridges tested in the area. and included in two companion 
reports. 
The Badger Creek Bridge crosses Badger Creek and is 
located in the Mount Hood National Forest in north central 
Oregon in Wasco County. Elevation and end view 
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photographs of the bridge are shown in Fig. 2. The bridge is 
located in the Badger Creek Wilderness area in the eastern 
half of the forest near Bonney Crossing on an improved 
gravel road. This road has a low average daily traffic (ADT) 
count, with traffic traveling at low speeds and, therefore, is 
not considered a main arterial route. The bridge was 
originally built in 1952. In 1988, the superstructure was 
replaced on the existing abutments with the structure that 
exists today. 
~'Y~~: ~tt~~~',~ct~~,~~t,~~r~~si 
■ ~'anig Creek 
}~'tF: A7t171 QiFll~~t9 
Y,t:re:•r:n.: r 
Figure 1. Mt. Hood Bridges, Mt. Hood National Forest, 
O R. 
a. Elevation 
b. End View 
Figure 2. Badger Creek Bridge, Mt. Hood National 
Forest, OR. 
Bridge Description 
The Badger Creek Bridge is a single-lane, simple-span, 
longitudinal glued-laminated girder bridge with a span of 
30 ft — 11 in. measured from center-to-center of supports, as 
illustrated in Fig 3a. The bridge has a roadway width, 
measured between the curbs, of 14 ft — 1 in., and zero 
degrees of skew. The out-to-out length of the bridge, 
measured from the inside edge of each abutment backwall, is 
32 ft — 1 in. and the out-to-out deck width is 16 ft. The 
supporting substructure consists of reinforced concrete (RC) 
abutments and wing walls founded on spread footings. 
Spanning between the RC abutments are four 8.75 in. x 
30 in. glued-laminated girders. The 31 ft — 11.25 in. long 
girders are supported on either end by a 12-in. length of 
plywood on the RC abutments' 16 in. seats. On the north 
end of the bridge is a 0.5-in. gap between the girder ends and 
the RC abutment backwall and on the south end there is a 
1.25-in. gap. At both abutments, steel angles and through 
bolts provide anchorage for the girders to the abutments. 
The exterior girders on either side of the bridge are inset 24 
in., measured from the outside edge of the deck to the 
centerline of the girder, and the center-to-center distance 
between successive girders is 48 in. Lateral support of the 
girders is provided at midspan by 16 in. deep solid timber 
diaphragms located directly under the deck. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nominal 5 in. x 4 ft panels measuring 16 ft in 
length. The 4 ft wide transverse, noninterconnected glued-
laminated panels are set tightly against one another and are 
attached to the girders with ring shank spikes. Timber 
planking provides the wearing surface for the bridge and 
consists of 4 in. x 12 in. running planks nailed to the deck 
panels, as seen in Fig. 4a. These planks run lengthwise on 
the bridge and cover the entire roadway between the curbs. 
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Figure 3. Plan and profile drawings of Badger Creek Bridge. 
4►  _ .~ - ~ 
Curbs on the Badger Creek Bridge are composed of 11 in. 
by 10 in. solid timbers supported on 10-in. high spacers, 
which are located adjacent to each guardrail post and are 
attached to the deck with bolts (see Fig. 4b). Similarly, the 
guardrails are composed of solid timber posts and rails. 
Timber 
Curb 
— Rail 
Post 
Brace 
Support for the guardrail is provided by bolts through the 
curb as well as bolts and solid timber braces between the 
exterior girder and the bottom of the rail post that extends 
below the deck. 
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a. Longitudinal timber planks. 
b. Curb 
Figure 4. Badger Creek planks and curb. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and elevated above the river/stream 
using tripods. 
Measurement of differential deflection of the deck panels 
required that the location of adjacent panel joints be located. 
Since full panels are not always located at the ends of the 
bridge, careful inspection under the bridge was required to 
locate adjacent deck panel joints due to the tight fit between 
panels. Once panel joints were located, two cross-sections 
of the bridge were instrumented. The locations of the 
transducers and the truck position for each load case are 
illustrated in Fig. 6. The first row of transducers, located 5 ft 
— 3in. from the south abutment, consisted of transducers 
positioned on the underside of the girders for global 
deflection measurement. The second row was located 14 ft 
— 4 in. from the north abutment, along the panel joint nearest 
to the midspan of the bridge span. This line consisted of 
girder and panel edge deflection measurement for 
determination of differential panel deflections. 
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Figure 5. Typical transducer set-up for testing. 
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Figure 6. Transducer locations and truck position for Badger Creek Bridge. 
Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the United States 
Forest Service (USFS). Figures 7 and 8 show the load truck 
dimensions, axle weights, and the load truck used for testing. 
The total weight of the truck was 48,500 lbs, with front and 
rear axle weights of 14,8001bs, 16,8501bs., and 16,8501bs, 
respectively. The rear wheelbase for the load truck was 6 ft, 
the rear axle spacing was 4 ft - 6 in. from center-to-center, 
and the forward most rear axle to the front axle measured 11 
ft -gin. 
Selection of truck position for the two load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The two load cases are illustrated in 
Fig. 9. For the first load case, the truck was driven south at 
crawl speed with the centerline of the rear wheel line offset 
from the face of the curb 2 ft. The second load case 
involved the load truck driving south at crawl speed with the 
left wheel line shifted l ft towards the centerline of the 
bridge so that the right wheel line was centered over girder 
G3. 
16,8501b. 16,850 lb. 
C4~ 
~- ~'-6"  
14,8001b. 
1 1 '-9" ~ 
Figure 7. Vehicle configuration and axle loads. 
Figure 8. Test truck for Badger Creek Bridge. 
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Figure 9. Transverse load position used for the Badger 
Creek Bridge. Vehicles traveled south, into the page. 
1'-1" 
Condition Assessment 
Condition assessments were completed on four separate 
occasions. The first was immediately after reconstruction of 
the superstructure in 1990. The second and third 
assessments occurred in September 1997 and August of 
2002, respectively, by the USFS. The fourth condition 
evaluation was completed in October of 2002 during the 
load testing described herein. These assessments involved 
visual inspections and measurements for all three of the 
evaluations as well as photographic documentation of the 
bridge condition. Specific items of interest included the 
condition of the wearing surface, deck, girders, and the 
overall condition of the structure. 
Wearing Surface 
Initial inspection was completed on the structure 
immediately after replacement of the superstructure in 1990. 
The inspection was conducted by the USFS in June of that 
year and produced nothing but excellent ratings for the 
wearing surface. Similarly, inspection of the bridge in 
August of 2002 by the USFS found no significant 
deterioration or damage of the wearing surface. Ratings 
showed that it was in `very good condition' with `no 
problems noted'. Drainage, rideability, and cleanliness also 
were all given excellent ratings with no significant problems 
found. 
Inspection of the wearing surface by the testing team from 
Iowa State University prior to field-testing found no 
significant problems with the timber-plank wearing surface 
as well. The planks appeared to be in good condition, still 
sufficiently attached, relatively tight against one another, and 
showed no signs of warping, checking, or splitting. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge. No signs of distress or structural defects were noted 
and the deck was given a very good rating in all cases. 
Panel joints were difficult to locate, suggesting that there is 
still a tight fit between adjacent deck panels. In addition, 
there appeared to be no notable leakage of moisture between 
deck panels. 
Girders 
Visual inspection done by the USFS of the glued-laminated 
girders revealed no signs of deterioration or defects. 
Similarly, visual inspection and probing of the girders at the 
time of testing found no problem areas and that the girders 
were in very good overall condition. The girder bearing and 
supports looked to be in good condition with no signs of 
excessive movement, rotation, or defects. 
Overall Structure 
Overall, the structure was found to be in excellent condition 
for all condition evaluations. The foundations, bearing seats 
and asphalt approaches were all in very good to excellent 
condition with no significant defects or signs of 
deterioration. 
Results and Discussion 
Data Analysis 
The following presents the results of the static load testing of 
the Badger Creek Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
Girder Deflection Behavior 
Midspan girder deflections versus truck position for load 
cases 1 and 2 are illustrated in Fig. 10 and 11, respectively. 
Maximum girder deflection measured for load case 1 was 
-0.18 in. at girder G 1, and the maximum girder deflection 
measured for load case 2 was -0.17 in., at girder G2. 
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Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being clear 
span in inches. Listed in Table 2 are several deflection 
criteria found in [ 1 ], [2], and [ 11 ]. For comparison, the 
value of n computed using the maximum measured 
deflections from load cases 1 and 2 are 1110 and 1178, 
respectively. Since the deflection criteria found in the 
specifications are based on the design load truck, HS-25 for 
this bridge, the experimental n values were normalized, by 
total weight, to the HS-25 truck for comparative purposes. 
Table 2. Deflection criteria. 
Source 
Ref. [1] 
Ref. [2] 
Ref. [ 11 ] 
Deflection Criteria 
L/500 
L/425 
L/360 
The performance of the bridge is within current deflection 
criteria limitations if the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 2. The large difference between the 
specified deflection criteria and those calculated from the n 
values calculated from measured deflections may be 
attributed to several factors. First, the girders may have 
initially been over designed to reduce deflections or the 
deflection limit state may not have controlled the design. 
Second, the glued-laminated deck panels and longitudinal 
timber plank wearing surface may provide added stiffness to 
the overall structural stiffness of the bridge. Third, it is 
possible that some amount of rotational end restraint at the 
girder ends may exist that was not anticipated in design. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
using physical test data from Eqn. 1. 
Where, 
0~ 
DFI = 
~ 0 ~ 
=i 
DF; =distribution factor of the ith girder 
(lanes/girder). 
~; =deflection of the ith girder. 
~ ~; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors 
calculated for load cases 1 and 2 as well as those calculated 
using guidelines found in [ 1 ] and [2] are illustrated in Fig. 
12. The distribution factors for girders G1, G2, G3 and G4 
for load case 1 are 0.33, 0.31, 0.23, and 0.13, respectively. 
Similary, for load case 2 the distribution factors are 0.25, 
0.31, 0.27 and 0.17. From Fig. 12 it is clear that the 
equations in [1] and [2] used to calculate distribution factors 
are conservative, more so at the exterior girders than at the 
interior girders. 
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Figure 12. Experimental and codified distribution 
factors. 
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To investigate the level of end restraint present in the 
structure, the bridge behavior was modeled using the 
distribution factors calculated from the experimental data 
along with classic beam theory. The distribution factors 
were used to distribute a percentage of the truck point loads 
laterally to each girder. Classic beam theory was then used 
to predict the deflections of each girder under these loads. 
Figure 13 shows the experimental and analytical results for 
midspan deflection of girder G 1, which is typical of all 
girders. Two sets of analytical data are shown in Fig. 13, a 
"pinned-pinned" condition and a "fixed-fixed" condition. 
The "pinned-pinned" condition assumes the ends of the 
girders are simply supported and the "fixed-fixed" condition 
assumes both ends of the girder are fixed against translation 
and rotation. A sensitivity analysis was also completed to 
evaluate the effect of modeling the wheel loads as patch 
loads rather than point loads. The use of patch loads of 
reasonable size, instead of point loads, had little effect on the 
results found in Fig. 13. 
From Fig. 13 it can be seen that the behavior of girder G 1 
lies between the "pinned-pinned" and "fixed-fixed" 
conditions. Similar results were found for girders G2, G3, 
and G4 for both load cases. The results in Fig. 13 indicate 
that the bridge exhibits some degree of rotation restraint at 
the supports. This provides some explanation for the small 
deflections and, subsequently, the large value of n calculated 
from the experimental data. It is believed this additional 
rotational end restraint may be the result of translational 
restraint at the deck level, which causes a rotational couple. 
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Figure 13. Experimental and analytical model results. 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 3 lists the maximum 
differential deflections between adjacent girders for both 
load cases. For the Badger Creek Bridge differential girder 
deflection varied between one hundredth of an inch to 
approximately a tenth of an inch. The largest differential 
deflection seen between adjacent girders was 0.082 in. in 
load case 2 on the side of the bridge opposite the load truck. 
Differential deflection was found to be the largest away from 
the load truck and decreased transversely towards the load 
truck. [ 1 ]and [2] specify no criteria for limiting differential 
deflection between adjacent girders. 
Table 3. Maximum differential girder deflections. 
Location Differential Deflection (in.) Load Case 1 Load Case 2 
G1N-G2N 
G2N-G3N 
G3N-G4N 
0.068 0.082 
0.048 0.020 
0.013 0.035 
Deck Deflection Behavior 
The Badger Creek Bridge demonstrated similar levels of 
performance in terms of global panel deflection to that of the 
girders. Global panel deflections were typically found to be 
approximately the average of the two girder deflections 
adjacent to the respective panel deflections. It can be seen in 
Fig. 14, that even when the left wheel line is centered 
between girders G1 and G2, the panel deflections (P3S and 
P3N) are consistent with the girder deflections and show no 
sign of excessive deflection between the girders. In 
addition, the magnitude of the panel deflections relative to 
the girders is well within the suggested limit of 0.1 in. 
suggested by [ 11 ]. No other limitations are given in the 
current specifications for live load deflection in glued-
laminated deck panels. The only related criterion presented 
by [ 11 ] is that effective deck panel spans stay within 
tabulated acceptable limits. For the Badger Creek Bridge, 
the effective span is 44.25 in., which is less than the 
approximate maximum deck span of 53 —56 in. specified by 
[11]. 
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Figure 14. Girder and panel deflections, load case 2. 
0.02 excellent condition; the bridge showed no visible signs of 
deterioration, deflection induced or otherwise. The glued-
~J 0° laminated girders and transverse glued-laminated deck 
-0.02 panels installed in 1988 are in good to excellent condition to 
date. The deck panels are set firmly on the girders and 
-o.oa tightly against one another. The longitudinal timber plank 
wearing surface covering the bridge from curb to curb is also 
in good condition. At the time of testing, the planks showed 
no signs of checking, splitting or deterioration of any kind. 
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In addition to global panel deflection, differential panel 
deflection is equally important to the performance of the 
structure and wearing surface in particular. Maximum 
differential panel deflections for both load cases are listed in 
Table 4. Differential panel deflections near the wheel loads 
were the greatest and those furthest from the wheel loads 
were the least, as would be expected. The deflections range 
up to 0.015 in. The 0.1 in. limit suggested by [ 11 ] for panel 
deflections relative to the girders may also be applied to 
differential panel deflection. While one panel is deflecting 
up to the 0.1 in. limit, an adjacent panel may not deflect at 
all. Thus, comparing the calculated differential panel 
deflections with the 0.1 in. limit, the performance of the 
deck panels on the Badger Creek Bridge is adequate. Based 
on visual inspections completed at the time of testing in 
2002, the calculated differential panel deflections do not 
appear to be affecting the condition of the deck panels or the 
longitudinal timber planks. 
Table 4. Maximum differential~anel detections. 
Location Differential Deflection (in.) Load Case 1 Load Case 2 
P2-P3 0.007 0.008 
PS-P6 0.005 0.005 
P8-P9 0.013 0.015 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. In all respects, the bridge was found to be in 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Two load cases were 
investigated for this bridge. 
The performance of the bridge under static loading was 
found to be within current design specification 
recommendations. Maximum midspan deflection values for 
the girders were found to be less than 0.2 in. for both load 
cases. Even with these deflections normalized to a standard 
HS-25 load configuration, they are within current design 
specifications. The presence of some level of additional 
rotational end restraint was found to have some affect on the 
magnitude of the girder deflections. Most likely, the 
overlapping of the deck panels and longitudinal plank 
wearing surface into the roadway are the source of this 
additional stiffness and subsequent rotational girder restraint. 
Similar levels of performance were found with the deck 
panels and wearing surface on the Badger Creek Bridge. 
Differential deflection of the glued-laminated deck panels 
was minimal. The maximum differential panel deflection 
observed during testing was less than 0.015 in. Effective 
distribution of the load longitudinally from panel to panel 
through the longitudinal timber planks appears to be the 
source of the small differential panel deflections. In 
addition, maximum panel deflections relative to the girders 
as well as differential panel deflections were less than the 
0.1 in., which is suggested by [ 11 ] to reduce panel 
vibrations, prevent rotation of the deck about the girders and 
reduce loosening of connections. 
In conclusion, from the results obtained from the testing and 
analysis of the Badger Creek Bridge it was found that the 
overall bridge performance under static live loading is 
adequate and within specified limits. 
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APPENDIX A - INFORMATION SHEET 
General Design Configuration 
Name: Badger Creek Bridge Structure Type: Longitudinal Glued-laminated Girder 
Location Bridge; Transverse glued-laminated deck panels 
State: Oregon 
Coun Wasco Total Length (out-out): 32 ft — 1 in. ty 
Hi hwa FS. Rd. #2710 Skew: 0 g y 
Feature Crossed: Bad er Creek Number of Spans: 1 g 
Span Lengths) (c-c bearing): 30 ft — 11 in. 
Date Constructed: 1952/88 
Owner: USES 
Date Tested: October, 2002 
Testing Organization/Crew: ISU: TW, BP, DW 
Bridge Composition 
Width (out-out): 16 ft 
Width (curb-curb): 14 ft — 1 in. 
Number of Traffic Lanes: 1 
Design Loading: HS25-44 
Material Grade/S ecies 
p 
Size Symbol 
v 
Preservative 
Treatment 
Girders Glulam Douglas Fir / Western Larch 8 75" x 30" 22F-V4 Pentachloro henol p 
Deck Panels Glulam Douglas Fir / Western Larch 4' x 5.125" Comb. 2 Pentachloro henol p
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Solid Timber Douglas Fir / Western Larch 3" x 16" 
No. 1 
Structural Pentachloro henol p 
Abutments Concrete N/A 1 ft. bearing N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: 4" x 12" longitudinal timber planks 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century made these the 
more frequently used materials for bridge construction This, 
along with the lack of research into timber design all but 
erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits and total. deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the second in a series aimed at collecting, 
analyzing, developing and distributing information on the 
relationship between timber bridge deflection and. wearing 
surface and overall bridge performance. The following 
documents the Camp Creek Bridge including testing 
procedures and performance of the bridge under static 
loading. The Camp Creek Bridge is a single-lane, simple-
span, longitudinal glued-laminated girder bridge near 
Portland, Oregon with a clear span distance of 30 ft — 1 in. 
(See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units.
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot2
pound (lb) 
lb/in' (stress) 
lb/ft` (weight 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram/meter` (k 
Objective and Scope 
/m`) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated girder bridges. 
Background 
Several bridges in the Mt. Hood area near Portland, Oregon 
that satisfied the overall needs of the project were identified 
and selected for testing. Figure 1 shows the Portland/Mt. 
Hood National Forest area and the location of the Camp 
Creek Bridge included in this report as well as the other two 
bridges tested in the area and included in two companion 
reports. 
The Camp Creek Bridge crosses Camp Creek and is located 
in the Mount Hood National Forest in north central Oregon 
in Multnomah County. Elevation and end view photographs 
75 
of the bridge are shown in Fig. 2. The bridge is located in 
the Bull Run Watershed Management area in the Western 
half of the Forest on an improved paved road. This 
particular road is a main arterial route for the Forest, namely 
route 12. 
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Figure L Mt. Hood Bridges, Mt. Hood Nation Forest, 
Oregon. 
a. Elevation 
b. End View 
Figure 2. Camp Creek Bridge, Mt. Hood National 
Forest, Oregon. 
Bridge Description 
The Camp Creek Bridge is a single-lane, simple-span 
longitudinal glued-laminated girder bridge with a span of 
31 ft — 1 in. measured from center-to-center of supports, as 
illustrated in Fig. 3a. The bridge has a roadway width, 
measured between the curbs, of 14 ft, and zero degrees of 
skew. The out-to-out length of the bridge, measured from 
the inside edge of each abutment backwall, is 32 ft — 7 in. 
and the out-to-out deck width is 16 ft. The supporting 
superstructure consists of square timber piles (one under 
each girder), square timber caps, and a timber plank 
backwall, see Fig. 4. 
Spanning between the timber abutments are four 8.75 in. x 
31.5 in. glued-laminated girders. The 32 ft — 7 in. long 
girders are supported on either end by the 12-in. wide timber 
cap. Each girder extends beyond the timber pile cap 3 in. 
and sits flush with the timber backwall. At both abutments, 
steel angles and through bolts provide anchorage for the 
girders to the abutments, as seen in Fig. 6. The exterior 
girders on either side of the bridge are inset 24 in., measured 
from the outside edge of the deck to the centerline of the 
girder and the center-to-center distance between successive 
girders is 48 in. Lateral support of the girders is provided at 
midspan by 15 in. deep solid timber diaphragms whose 
bottom edge is flush with the bottom of the girders. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nominal 5 in. x 4 ft panels measuring 16 ft in 
length. The 4 ft wide transverse, noninterconnected, glued-
laminated panels are set tightly against one another and are 
attached to the girders with ring shank spikes. The wearing 
surface is comprised of a combination of timber planking 
and coarse asphalt as seen in Fig. 5. Three 3.5 in. x 12 in. 
longitudinal running planks nailed to the deck panels along 
the tire paths provide the main wearing surface, and coarse 
asphalt provides cover for the deck between the planks and 
the curbs. Curbs on the Camp Creek Bridge are composed 
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of 11 in. by 10 in. timbers supported on 10-in. high spacers 
located approximately every 8 ft and are attached to the deck 
with bolts. There are no guardrails or approach rails on this 
3.5" x 12" 
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Asphalt 
bridge because, according to an inspection report provided 
by the USFS, this road has a low ADT and restricted public 
access and are therefore not needed. 
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Figure 4. Camp Creek abutment. 
Figure 5. Wearing surface. 
Figure 6. Girder-abutment connection. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 7. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and elevated above the river/stream 
using tripods. 
Measurement of differential deflection of the deck panels 
required that the location of adjacent panel joints be located. 
Since full panels are not always located at the ends of the 
bridge, careful inspection under the bridge was required to 
locate adjacent deck panel joints due to the tight fit between 
panels. Once panel joints were located, two cross-sections 
of the bridge were instrumented. The locations of the 
transducers and the truck position for each load case are 
illustrated in Fig. 8. The first row of transducers was 
positioned on the underside of the girders at mid-span, for 
global deflection measurement. The second row was located 
8 ft —3 in. from the south abutment and consisted of 
transducers on the underside of the girders as well as on 
either side of a deck panel joint for determination of 
differential deflection. 
~8 
Figure 7. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using the same 
dump truck used for the Badger Creek Bridge test, 
which was provided by the Forest Service. Figure 9 
and 10 show the load truck dimensions, axle weights, 
and the load truck used for testing. The total weight of 
the truck was 48,500 lbs, with front and rear axle 
weights of 14,8001bs, 16,850 lbs., and 16,850 lbs, 
respectively. The rear wheelbase for the load truck was 6 
ft, the rear axle spacing was 4 ft - 6 in. from center-to-
center, and the forward most rear axle to the front axle 
measured 11 ft - 9 in. 
Selection of truck position for the three load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The three load cases are illustrated in 
Fig. 11. For the first load case, the truck was driven south at 
crawl speed with the centerline of the rear wheels offset 
from the face of the curb 3 ft. For the second load case, the 
truck was again driven south at crawl speed but with the 
centerline of the rear wheel line offset from the face of the 
curb 5 ft. Lastly, the third load case involved the center of 
the left rear wheels being offset from the face of the curb 17 
in. 
16,850 lb. 1 h,8~0 lb. 14,800 lb. 
_\  ~\
4'-6"  ~  1 1. 
9'. 
Figure 9. Vehicle configuration and axle loads. 
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Figure 10. Testing of Camp Creek Bridge. 
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Figure 11. Transverse load position used for the Camp 
Creek Bridge. Vehicle travels south, into the page. 
Condition Assessment 
Condition assessments were completed on several separate 
occasions. The first few were done by the USFS at intervals 
between the time of construction in 1963 and the year prior 
to testing. The final condition evaluation was completed in 
October of 2002 by ISU during testing of the bridge. These 
assessments involved visual inspections and measurements 
for all five of the evaluations as well as photographic 
documentation of the bridge condition on the final condition 
assessment. Specific items of interest included the condition 
of the wearing surface, deck, girders and the overall 
condition of the structure. 
Wearing Surface 
The USFS inspection report from 1984 shows that no 
wearing surface had been installed at that time, although it 
was listed on the report under recommended work. The 
following inspection, completed in the winter of 1989, 
indicates that new running planks had been added since the 
previous inspection. 
Inspection of the wearing surface conducted both by the 
USFS in Aug. 2002 and by the testing team from Iowa State 
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University prior to field testing found several problems with 
the timber plank and asphalt wearing surfaces. The planks 
were heavily splintered and in bad condition. As seen in 
Fig. 12, most of the splintering and deterioration of the 
planks was found on the outer two planks of each of the 
three-plank sets. In addition, in some places the asphalt 
outlining the running planks is in such poor condition that it 
is worn down exposing the deck panels. In addition, the 
deterioration of the asphalt wearing surface has led to the 
accumulation of debris, which results in the trapping of 
moisture on the bridge. 
Figure 12. Camp Creek wearing 
Deck Panels 
. ~- ~. ~• ~~~~ 
surface deterioration. 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge. No signs of distress or structural defects were noted 
and the deck was given a very good rating in all cases. 
Panel joints were difficult to locate, suggesting that there is 
still a tight fit between adjacent deck panels. In addition, 
there appeared to be no notable leakage of moisture between 
deck panels. As mention previously, in some locations the 
deck panels are exposed on top of the bridge from the 
deterioration of the asphalt. 
Girders 
Visual inspection done by the USFS of the glued-laminated 
girders revealed no signs of deterioration or defects. 
Similarly, visual inspection and probing of the girders at the 
time of testing found no problem areas and that the girders 
were in very good condition overall. The girder bearing and 
supports looked to be in good condition with no signs of 
excessive movement, rotation, or defects. 
Overall Structure 
Inspection records from the winter of 1984 indicate that new 
glued-laminated girders and glued-laminated deck panels 
had been installed on the bridge that summer. All 
components were given excellent ratings at that time. Later 
inspections found several abutment posts to be out of plumb 
and the moisture content in others to be higher than 
recommended. However, drilling done at the time of 
inspection revealed no signs of decay in those particular 
members. In general, the superstructure was in good to 
excellent condition in all respects. However, the timber 
plank and asphalt wearing surface is partially deteriorated 
exposing the deck panels beneath. 
Results and Discussion 
Data Analysis 
The following presents the results of the static load testing of 
the Camp Creek Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
Bridge Deflection Behavior 
Illustrated in Fig. 13 are three-dimensional, time-history 
graphs of the girder deflections measured at midspan for all 
three load cases. Maximum girder deflections varied from 
-0.19 in. in load case 1 to slightly less than -0.12 in. in load 
case 2. In addition, a flattening behavior is found in nearly 
all of the deflection diagrams in Fig. 13. One possible 
explanation for this behavior is the longitudinal distribution 
of load due to the longitudinal timber planks and the solid 
timber curbs on the deck. However, this does not explain 
why this behavior is seen in girder G 1 and not girder G4. 
Figure 14 illustrates the deflection of the girders at '/4-span 
and midspan for load case 1, which is representative of all 
three load cases. Comparing the '/4-span girder deflection 
with those at the midspan it is seen that the deflections at '/4-
span are greater in magnitude. Analysis was carried out 
using the finite element software STAAD, and it was found 
that, even with varying support conditions, this type of 
behavior is not typical. Additionally, panel deflections 
along that same transverse line at `/4-span correspond with 
the girder deflections, implying that these deflections are 
valid. However, no logical explanation was found to explain 
the irregular behavior seen in Fig. 14. 
In addition to the large variance in deflection magnitude, all 
of the deflection diagrams appear to have astair-step, rather 
than smooth curve response as would be expected. This 
stair-step response appears to be more pronounced upon 
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entry of the load truck than as the load truck exits the span of 
the bridge. A possible explanation for the flattening and 
stair-step deflection behavior seen in Fig. 14 is evident in 
Fig. 15, which illustrates the deflection of the panels at '/4-
span. Amore pronounced stair-step deflection behavior is 
evident in the panel deflections shown in Fig. 15. This may 
be a result of friction between the panels, both from possible 
swelling of the panels over time due to increased moisture 
content or compression due to the deflection of the bridge. 
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Friction force between the panels is built up, and then slip 
occurs when the friction force is overcome. The process 
then repeats. As the panels slip against one another, one 
panel deflects up briefly and the other down which may 
explain the stair-step behavior seen in Fig. 14 and 15. 
However, from the data recorded it is difficult to deduce 
exactly what is the cause of the behaviors seen in Figs. 13, 
14 and 15. 
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Referring back to Fig. 13, by shifting the load truck from left 
of centerline in load case 1 to right of centerline in load case 
2, one would expect the deflection diagrams would mirror 
each other. However, it is evident from Fig. 13a and 13b 
that this is not the case. In both cases, girder G4 deflects the 
least of the four girders and girder G3 deflects the most. 
Assuming all the girders have the same moment of inertia (I) 
and modulus of elasticity (E), it follows then, that the girder 
that takes the greatest percentage of load would incur the 
most deflection. 
With the exception of load case 2, for the most part this 
theory holds true. However, in load case 2 girder G4 
deflects less than it does in load case 1. This is impractical 
because simple statics would require that girder G4 take a 
greater percentage of the load in load case 2 than in load 
case 1. As stated previously, girder G3 deflected more than 
the other girders in both load cases 1 and 2. The possibility 
exists that the deflection behavior of girder G4 is somehow 
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dependant on that of girder G3. Graphed in Fig. 16 are the 
differential deflections between girders G3 and G4 for all 
three load cases. Comparing these differential deflections, it 
is evident that, despite subtle differences, they are 
approximately equal in magnitude. However, in load case 3, 
the magnitude of the differential deflection is lower since the 
load is shifted toward girder G 1. Regardless, the deflection 
of girder G4 tends to be dependant on the deflection of 
girder G3. This behavior may result from one or a 
combination of the following circumstances. First, the 
presence of the longitudinal timber planks may be a factor. 
Second, there may be a small gap between the deck panels 
and girder G4 causing the consistent offset in deflections 
seen in Fig. 16. Third, the presence of the large timber curbs 
on both sides of the bridge may provide increased stiffness 
to girder G4 resulting in smaller deflections. Lastly, the 
amount of girder end restraint at girder G4 may be greater 
than at girder G3. These four possibilities are discussed 
below. 
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Figure 16. Differential deflection of girders G3 and G4. 
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First, as stated before, the exact influence the longitudinal 
timber planks have on the bridge deflection behavior, in this 
case between girders G3 and G4, is uncertain. However, 
they are believed to be the source of some of the 
uncharacteristic happenings seen in Fig. 13 and 16. Second, 
visual inspection both prior to and after testing found no 
implications of a gap between the deck panels and the 
girders, at least none noticeable to the naked eye. However, 
a gap may exist that is measurable by the transducers. Third, 
as with the timber planks, the exact effect the timber curbs 
are having on the stiffness of the bridge is unknown from the 
data collected, but their size demands attention. Lastly, any 
possible difference in end restraint is one factor that can be 
investigated, approximately, through analysis. 
To investigate possible differences in end restraint between 
girders G3 and G4, the following analysis was conducted. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors is obtained from 
Eqn. 1 using the girder deflections measured during load 
testing. 
Where, 
~l DFI = n Eqn. 1 
~T 
1=1 
DFi =distribution factor of the ith girder 
(lanes/girder). 
~l =deflection of the ith girder. 
~i =sum of all girder deflections. 
n =number of girders. 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors 
calculated for all three load cases along with those calculated 
using guidelines in [ 1 ] and [2] are illustrated in Fig. 17. The 
experimental distribution factors for load case 1, 2 and 3 for 
girders (G1, G2, G3 and G4) are (0.24, 0.29, 0.30, 0.17), 
(0.27, 0.29, 0.30, 0.14) and (0.33, 0.28, 0.29, 0.10), 
respectively. 
Analytical models were created using the distribution factors 
calculated above to distribute the appropriate percentage of 
the truck point loads laterally to each girder. Classic beam 
theory was used to predict the deflections of each girder 
under these loads. Figures 18 and 19 present the results of 
both the experimental tests and analytical modeling for 
midspan deflection of girders G3 and G4, respectively, for 
all three load cases. Two sets of analytical data are indicated 
in the figures, a "pinned-pinned" condition and a "fixed-
fixed" condition. A "pinned-pinned" condition assumes the 
ends of the girder are simply supported and a "fixed-fixed" 
condition assumes both ends of the girder are fixed against 
translation and rotation. From Fig. 18 and 19 it is evident 
that there is some level of rotational end restraint in both of 
the girders; similar results were found for the other two 
girders. Additionally, there appears to be no significant 
difference in the level of end restraint in girders G3 and G4. 
This dispels the theory that the end restraints of girders G3 
and G4 may be causing the deflection offset seen previously 
in Fig. 16. Therefore, if all girders do indeed have the same 
material properties and knowing they are all of constant 
cross-section, the presence of the longitudinal timber planks 
and timber curbs appears to be one factor affecting the 
deflection behavior of the bridge. 
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Again looking at Fig. 13, an understanding of what the 
magnitudes of the measured deflections represent is in order. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being clear 
span in inches. Listed in Table 2 are several deflection 
criteria found in [ 1 ], [2], and [ 11 ]. For comparison, the 
value of n using the maximum measured deflections from 
load cases 1, 2 and 3 are 1280, 1621 and 2026, respectively. 
Since the deflection criteria found in the specifications are 
based on the design load truck, HS-20 for this bridge, the 
experimental n values were normalized, by total weight, to 
the HS-20 truck for comparative purposes. 
Table 2. Deflection criteria 
Source 
[1] 
[2] 
[11] 
Deflection Criteria 
L/500 
L/425 
L/360 
If the values of n computed from the measured deflections 
are compared, the performance of the bridge is within 
current deflection criteria limitations. The large difference 
between the specified deflection criteria and those calculated 
from the n values calculated from measured deflections may 
be attributed to several factors. First, the girders may have 
been initially over designed for deflection. Second, the 
transverse glued-laminated deck panels, longitudinal deck 
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planks and timber curbs may be providing some level of 
additional stiffness to the structure. Lastly, the existence of 
some amount of rotational girder end restraint, which was 
not anticipated in the design, may be providing additional 
resistance to deflection. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted immediately 
before testing. Previously, no significant defects with the 
girders, deck or wearing surface were reported. 
However, a more recent inspection revealed that the timber 
planks and asphalt that constitute the wearing surface for the 
Camp Creek Bridge were noticeably deteriorated. Severe 
checking and splintering of the timber planks is taking place 
and in some locations the asphalt is wore down exposing the 
glued-laminated deck panels underneath. The defects in the 
timber planking are not believed to be a result of live load 
deflection, mainly because only the outer planks along each 
wheel line show signs of deterioration; not all planks exhibit 
the same level of deterioration. No deficiencies were found 
in the girders or the deck panels; the deck panels were still in 
good condition and panel joints were tight and showed no 
signs of moisture leakage. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected for analysis. Three load cases 
were investigated in the testing of this bridge. The first load 
case had the load truck positioned so that its left wheel line 
was located 3 ft from the inside edge of curb. For the 
second load case, the truck was shifted two feet west so that 
the left wheel line was 5 ft from the inside edge of curb. The 
third and final load case had the load truck positioned with 
the center of it left wheel line 17 in. from the inside edge of 
curb. 
Based on the midspan deflections measured during the load 
testing, it was found that the performance of the bridge, 
although at times uncharacteristic, was within current design 
specifications. The uncharacteristic behavior of the bridge 
under static loading was believed to be a result of the 
longitudinal timber planks, which constitute part of the 
wearing surface. It is hypothesized that these timber planks 
provide a localized increase in stiffness as well as aid in 
distributing the load longitudinally to adjacent deck panels. 
As well, friction between the panels is thought to be one 
factor associated with the deflection behavior of the girders 
and panels at both the '/4-span and at midspan. 
Additionally, experimental distribution factors calculated 
from the measured deflections are an indication of the 
performance of the structure. For all load cases, the 
experimental distribution factors were less than or 
approximately equal to those set forth in standard design 
specifications. This implies that the bridge's resistance to 
deflection is greater than anticipated in design. This 
conclusion is supported by the small measured deflections, 
compared to standard design criteria, and the graphs 
illustrated in Fig. 18 and 19. These two figures indicate that 
the girder's response to live loads is more indicative of a 
fixed-fixed condition at the girder ends than apinned-pinned 
condition. 
Maximum deflection of the 32 ft — 7 in. long structure for 
load cases 1, 2 and 3 were -0.19 in., -0.15 in. and -0.11 in., 
respectively. These deflections were used to compute an n 
value similar to those presented in the equations for 
deflection criterion in standard design specifications and 
normalized to the HS-20 design truck for comparison 
purposes. The n values calculated from measured 
deflections varied between approximately 1300 and. 2000, 
whereas, typical deflection criteria found in design 
specification stipulate deflection criteria with n values that 
vary between 360 and 500. Although the deflections were 
approximated to the HS-20 truck loading, the fact that the 
maximum deflections produce n values 2.5 — 6 times larger 
than current design specifications provides insight into the 
level of performance of the structure. 
In summary, wearing surface deterioration is a noticeable 
problem on the Camp Creek Bridge. If indeed the deflection 
response at 1/ 4-span is accurate, and friction between the 
panels is a significant factor, this may be one reason for the 
deterioration of the wearing surface. However, given the 
magnitude of the measured '/4-span deflections compared to 
the midspan deflections, a reliable conclusion was unable to 
be made. On a structural level, the performance of the 
structure under static live loads was within design 
specifications based on measured midspan deflections. 
Additionally, it is believed that the longitudinal timber 
planks serve a dual purpose: providing protection for the 
glued-laminated deck panels, and distributing the load both 
transversely and longitudinally. 
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Appendix A - Information Sheet 
General Design Configuration 
Name: Camp Creek Bridge Structure Type: Longitudinal Glued-laminated Girder 
Location: Bridge 
State: Oregon 
County: Multnomah 
Highway: FS Rd. #12 
Feature Crossed: Camp Creek 
Date Constructed: 1984 
Owner: USFS 
Date Tested: October, 2002 
Testing Crew/Organization: ISU; TW, BP, D~V 
Bridge Composition 
Total Length (out-out): 32 ft — 7 in. 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearings): 31 ft — 1 in. 
Width (out-out): 16 ft 
Width (curb-curb): 14 ft 
Number of Traffic Lanes: 1 
Design Loading: 
Material Grade /S ecies P 
Size Symbol Preservative Treatment 
Girders Glued- 
laminated 
N/A 8.75" x 31.5" N/A Pentochlorophenol 
Deck Panels Glued- 
laminated 
NIA 5.125" x 4' N/A Pentochlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Solid Timber N/A 3" x 16" N/A Pentochlorophenol 
Abutments Treated 
Timber 
N/A N/A N/A Pentochlorophenol 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angle and through bolts 
Wearing Surface Type: 3 - 4"x 12" Running planks per wheel line with asphalt filling in the gaps. 
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Abstract Contents 
The Lost Creek Bridge was originally constructed in 1974 in 
the Mount Hood National Forest in north central Oregon. 
The current structure is a longitudinal glued-laminated 
timber girder bridge with a 72-ft length and a 20-ft width. 
This single-lane bridge consists of three glued-laminated 
girders, a 6.75-in. transverse glued-laminated deck, an 
asphalt wearing surface, and a timber sidewalk on one side. 
The performance of this bridge under static loading is the 
focus of this report. Testing involved the collection of 
deflection data. under controlled loading, as well as 
comprehensive visual inspections conducted to assess the 
overall bridge condition. The combination of the live load 
deflection data and general condition of the bridge were used 
to relate deterioration of the wearing surface and 
superstructure due to traffic induced deflections. 
Acknowledgments 
We would like to express our sincere appreciation to the 
following that assisted in the locating and structural 
monitoring of the Lost Creek Bridge: 
William Salsig of the U. S. Forest Service for providing us 
with plans, inspection reports, and other pertinent 
information pertaining to the bridge. 
Glenn Ikegami of the U. S. Forest Service for his assistance 
in locating the bridge and organizing the use of a load truck. 
Bill Courtain of the U. S. Forest Service for operating the 
load truck during testing of the bridge. 
Page 
Introduction 3 
Objective and Scope 3 
Background 3 
Bridge Description 4 
Evaluation Methodology 7 
Instrumentation 7 
Static Loading 9 
Condition Assessment 9 
Wearing Surface 9 
Deck Panels 10 
Girders 10 
Overall Structure 10 
Results and Discussion 10 
Data Analysis 10 
Girder Deflection Behavior 10 
Deck Deflection Behavior 12 
Conclusions 14 
References 14 
Appendix A 16 
93 
Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such. as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the third in a series aimed at collecting, 
analyzing, developing and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Lost Creek Bridge including the testing 
procedures and performance of the bridge under static 
loading. The Lost Creek Bridge is a single-lane, three-span, 
longitudinal glued-laminated girder bridge near Portland, 
Oregon with clear spans of 12 ft - 6 in., 47 ft, and 12 ft - 6 
in. (See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to S1 units. 
English Conversion Factor SI Unit 
inch (in. ) 
foot (ft) 
foot'` 
pound (lb) 
lb/in' (stress) 
lb/ft2 (weight} 
25.4 
0.3048 
0.09 
0.1.4 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m`) 
Newton (N) 
Pascal (Pa) 
kilogram/meter2 (k 
Objective and Scope 
/m~ ) 
The overall objective of this research was to study the 
relationship between live load deflection and. bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others evaluated 
in this series will be used to formulate recommendations for 
design specifications related to deflection criteria to be used 
on similar longitudinal glued-laminated girder bridges. 
Background 
Several bridges in the Mt. Hood area near Portland, Oregon 
that satisfied the overall needs for the project were identified 
and selected for testing. Figure 1 shows the Portland/Mt. 
Hood National Forest area and the location of the Lost Creek 
Bridge included in this report as well as the other two 
bridges tested in the area and included in two companion 
reports. 
The Lost Creek Bridge crosses Lost Creek and is located in 
the Mount Hood National Forest in north central Oregon in 
Clackamas County. Elevation and end view photographs of 
the bridge are shown in Fig. 2. The bridge is approximately 
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9.5 mi West of Mt. Hood near Cape Horn in the western half 
of the Forest on an improved paved road. 
~~ ~ ~ 
,~ 
~~ Lost Creek 
'~a 
Bx~dge 
fil(3 4: ld1f: ' .`USNIIa ku,~ :.>,~:~ 
Figure 1. Mt. Hood Bridges, Mt. Hood National Forest, 
Oregon. 
a. Elevation 
b. End view 
Figure 2. Lost Creek Bridge, Mt. Hood National Forest, 
OR. 
Bridge Description 
The Lost Creek Bridge is a single-lane, three-span 
continuous, longitudinal glued-laminated girder bridge with 
spans of 14 ft — 3 in., 47 ft — 0 in., and 14 ft — 3 in. 
measured from center-to-center of supports, as illustrated in 
Fig 3a. The bridge has a roadway width, measured between 
the curb on the east side and the sidewalk on the west side, 
of 14 ft — 1 in. and zero degrees of skew. The out-to-out 
length of the bridge, measured from the inside edge of each 
abutment bulkhead, is 72 ft and the out-to-out deck width is 
20 ft. Due to a 2-ft taper on the southeast side of the deck, 
the width at the south abutment is 22 ft, as seen in Fig. 8. 
The supporting substructure consists of two concrete piers 
and glued-laminated bulkheads for abutments. Illustrated in 
Fig. 4 is a typical view of a pier cross section. Each pier has 
two 18 in. square concrete columns spaced 15 ft apart from 
centerline of column to centerline of column. Each column 
is founded on a 7-ft square by 2-ft deep spread footing 
located approximately 23 ft below the top of the deck. 
Concrete pier caps span the two columns and measure 22 in. 
wide, 27 in. deep and 17 ft in length. Illustrated in Fig. 5 is 
the girder-bulkhead attachment for the Lost Creek Bridge. 
The abutments are composed of 6.75-in. thick, glued-
laminated bulkheads and are attached to the ends of the 
girders by means of steel angles and bolts. 
Spanning continuously between the timber abutments and 
across the concrete piers are three 10.75 in. x 49.5 in. glued-
laminated girders. Bearing between the concrete pier caps 
and the girders is provided by steel rockers and steel bearing 
plates measuring 21 in. in length as shown in Fig. 6. The 
exterior girder on the west side of the bridge is inset 3 ft - h 
in., measured from the outside edge of the bridge to the 
centerline of the girder, and the center-to-center distance 
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between successive girders is 7 ft - 6 in. Lateral support of 
the girders is provided by steel angle cross bracing at the 
third points of the main span and above the two piers, as 
seen in Figs. 3 and 7. 
A glued-laminated deck spans transverse to the girders and 
consists of 7 in. x 4 ft panels measuring 20 ft in length for 
most of the bridge, and varies in length at the south end due 
to the taper. The 4-ft wide transverse, glued-laminated 
panels are interconnected with 1 in. diameter steel dowels 
14'-1" 
20' 
7" Typ. 
0 
14'-3" 
11" ~-Edge of curb 
~~
I 
12" Asphalt ~ J 
~. 
a--- ~-~ ~ ~~ ~ 
~ I ~ ~, ~ ~-~- +--~, ~ ~ ~ ~ 
~ ~ i 
~~ 
i i i 
- -.+ ~ i ~~ 
- - ~ ~, i _~ ,~ 
Timber) D~k 
panel- -" 
10~ 4" x 49 %," 
Girders 
15'-8" 
between the girders and are attached to the girders with ring-
shank spikes. Asphalt provides the wearing surface for the 
bridge between the curb and timber sidewalk. The solid 
timber curb, located only on the east side, is composed of 12 
in. by 10 in. timbers supported on 10 in. high spacers located 
adjacent to the guardrail posts. The curb is bolted to the 
deck as shown in Fig. 8. Located on the west side of the 
bridge is a timber guardrail and a 5-ft timber sidewalk that 
doubles as a curb and pedestrian walkway, see Fig. 9. 
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Figure 3. Plan and profile drawings of Lost Creek Bridge. 
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Figure 4. Typical pier cross-section. 
Figure ~. Girder-abutment connection. 
Concrete 
Pier Cap 
Figure 6. Cirder-pier connection. 
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Figure 7. Steel angle cross bracing. 
Figure 8. Timber curb and flare out. 
Figure 9. Lost Creek timber side«-alk. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Differential deflection of the panels was unable to be 
measured due to instrument and other limitations. However, 
global deflections of both the deck and girders were 
measured and are presented in this report. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 10. With instrument 
locations determined, eyehooks were installed on the 
underside of the girders and deck. Transducers were 
positioned directly under the eyehooks and connected via 
non-stretch wire and s-hooks. The transducers were attached 
to a length of 2 x 12 in. lumber and elevated above the river 
using tripods. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 11. The first row of 
transducers, located on a line 6 ft north of the centerline of 
the north pier, consisted of transducers positioned below the 
underside of the girders and deck. The second row was 
located directly above the centerline of the north pier and 
consisted of transducers below the underside of the deck 
only. The third row of transducers is located on a line 6 ft -
3 in. south of the centerline of the north pier and consisted of 
transducers below both the girders and the deck. The last 
row of transducers is located at midspan of the center span 
and consists of transducers below the girders and the deck. 
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Figure 10. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using the same 
truck used for the Badger and Camp Creek Bridge tests 
described elsewhere. Figures 12 and 13 show the load 
truck dimensions, axle weights, and the load truck used for 
testing. The total weight of the truck was 48,500 lbs, with 
front and rear axle weights of 14,8001bs, 16,8501bs., and 
16,850 lbs, respectively. The rear wheelbase for the load 
truck was 6 ft, the rear axle spacing was 4 ft - 6 in. from 
center-to-center, and the forward most rear axle to the front 
axle measured 11 ft - 9 in. 
Selection of truck position for the two load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The two load cases are illustrated in 
Fig. 14. For the first load case, the truck was driven south at 
crawl speed with the centerline of the rear wheels offset 
from the face of the curb 2 ft. The second load case 
involved the truck driving south at crawl speed with the 
centerline of the rear track offset from the face of the curb 4 
fl — 4 in. 
16,80 Ib. 16,850 lb. 
Q 
14,8001b. 
4'-6'  11'-9' ► 
Figure 12. Vehicle configuration and agile loads. 
Figure 13. Testing of Lost Creek Bridge. 
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Figure 14. Transverse load position used for the Lost 
Creek Bridge. Vehicles traveling south, into the page. 
Condition Assessment 
Condition assessments were completed on three separate 
occasions. The first and second assessments occurred in 
August 1997 and 2002, respectively, by the USFS. The third 
condition evaluation was completed in October of 2002 
during the load testing described herein. These assessments 
involved visual inspections and measurements for all three 
of the evaluations as well as photographic documentation of 
the bridge condition. Specific items of interest included the 
condition of the wearing surface, deck, girders, and the 
overall condition of the structure. 
Wearing Surface 
USFS inspection reports from 1983 as well as from 1989 
show no problems with the 2.5 in. asphalt-wearing surface. 
The only noted problem was debris blocking the drainage 
openings along the curb and sidewalk. Similarly, inspection 
of the wearing surface conducted by the USFS in Aug. 2002 
found no significant defects in the wearing surface. 
However, inspection by the testing team from Iowa State 
University prior to testing found several minor transverse 
cracks in the asphalt. These cracks were only minor and not 
found to be consistently located at the deck panel joints or in 
any particular pattern. Overall, the asphalt wearing surface 
was in good condition. 
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Deck Panels 
The transverse glued-laminated deck panels were observed 
to be in satisfactory condition for all inspections completed 
on this bridge. No signs of distress or structural defects 
were noted and the deck was given a very good rating in all 
cases. In addition, panel joints were found to still be tight 
with no visible gaps between the panels themselves or 
between the panels and the girders. 
Girders 
Visual inspection of the girders done by the USFS revealed 
no signs of deterioration or defects. Similarly, visual 
inspection and probing of the girders during testing found no 
problem areas and that the girders were in very good 
condition overall. Locations of bearing were in good 
condition and appear to still be in full operating condition. 
Deck panels appeared to fit snug on top of the girders with 
no visible gap between the two. Attachment of the girders to 
the abutment bulkheads looked to be in good condition with 
no visible rotation of the bulkheads noted. 
Overa I I Structure 
Overall, the structure is in good condition. Minor details 
found in the inspection reports regarding the sidewalk 
boards and a missing bolt in one of the diaphragms are all 
that were noted in terms of problem areas. The piers, 
girders, deck, wearing surface and abutments were all found 
to be in satisfactory condition. The wearing surface, with 
the exception of minor transverse cracking, was found to be 
in good condition. 
Results and Discussion 
Data Analysis 
The following presents the results of the static load testing of 
the Lost Creek Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
Girder Deflection Behavior 
Figure 15 and 16 illustrate the deflection history of all three 
girders at midspan of the center span for load cases 1 and 2, 
respectively. At the midspan of the center span the 
maximum measured deflection was approximately -0.18 in. 
at girder G3 in load case 1 and girder G2 in load case 2. 
o~ 
o~ 
-o~ 
-0~ 
-0 lb 
-0~ 
-0 18 
o:~ 
~-Girder 1 
-~<-.~ Girder 2 
f-- Girder 3 
Truck Position {ft.) 
Figure 1 ~. Girder detection at midspan of center span, 
load case 1. 
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Figure 16. Girder deflection at midspan of center span, 
load case 2. 
Relative girder deflections appear to be effected by the 
position of the load truck as would be expected. It is evident 
from Fig. 14 and 15 that if the truck is towards girder G3 
(Load Case 1) the differential deflection between girder G 1 
and G2 increases to greater than 0.10 in. When the load 
truck is shifted toward the centerline of the bridge (Load 
Case 2), the differential deflection between the girders is 
more evenly distributed and decreases to a few hundredths 
of an inch. Current design specifications do not provide 
criteria for differential deflection of timber bridge girders. 
However, the lack of significant longitudinal cracking 
suggests that these differential deflections are having no 
adverse affects on the wearing surface. 
Fig. 17 and 18 illustrate the deflection history of all three 
girders at midspan of the first span for load cases 1 and 2, 
respectively. The maximum measured deflections for this 
location were approximately -0.03 in. at girder G2 for both 
load cases, considerably less than the deflections of the 
center span. This is largely due to the short span length of 
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the end spans compared to the center span. There is also 
some noticeable uplift in the end span when the load truck is 
on the center span, as one would expect given the abutment 
detail. However, these upward displacements are very 
small, approximately 0.005 inches. 
Truck Posktiora {R.) 
Figure 17. Girder deflection at midspan of first span, 
load case 1. 
c;(;R:E 
.,;~$, .~. ~, 
.~:~:: 
.,:T~, 
Truck Fosite4n {ft.) 
Figure 18. Girder deflection at midspan of first span, 
load case 2. 
Although there are no specifications limiting differential 
deflection of timber girders, there are criteria specified for 
global deflection of timber girders. Deflection checks for 
bridges are evaluated based on deflection criteria typically of 
the form L/n; L being the clear span in inches. Listed in 
Table 2 are several deflection criteria found in current 
specifications. The value of n using the maximum measured 
deflections from load cases 1 and 2 are 2032 and 2032, 
respectively. Since the deflection criteria found in the 
specifications are based on the design load truck, HS-20 for 
this bridge, the experimental n values were normalized, by 
total weight, to the HS-20 truck for comparative purposes. 
Table 2. Deflection criteria. 
Source 
Ref. [1] 
Ref. [2] 
Ref. [ 11 ] 
Deflection Criteria 
L/500 
L/425 
L/360 
The performance of the bridge is within current deflection 
criteria limitations if the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 2. The difference between the specified 
deflection criteria and those calculated from the n values 
calculated from measured deflections may be attributed to 
several factors. First, the girders may have initially been 
over designed to reduce deflections or the deflection limit 
state may not have controlled the design. Second, the glued-
laminated deck panels, timber curbs, and timber walkway 
may provide added stiffness to the system. Third, given that 
the bridge is three-span continuous, the bridge itself may be 
providing extra resistance to deflection. However, exactly 
how much of an influence each of these factors has on the 
magnitude of the deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. 
Where, 
O.
DF~ _ ' 
iT 
1 
T=~ 
DF; =distribution factor of the ith girder 
(lanes/girder). 
~; =deflection of the ith girder. 
0; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors 
calculated for load cases 1 and 2 at midspan of the center 
span as well as those calculated using guidelines found in [ 1 ] 
and [2] are illustrated in Fig. 19a. A similar graph for 
distribution factors for midspan of the end span is illustrated 
in Fig. 19b. Referring to Fig. 19a, the distribution factors for 
girders G 1, G2, and G3 for load case 1 are 0.12, 0.42, and 
0.46, respectively. Similary, for load case 2 the distribution 
factors are 0.23, 0.46, and 0.31. 
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Figure 19. Experimental and codified distribution 
factors. 
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From Fig. 19 it is evident that the load distribution 
characteristics of the Lost Creek Bridge are within current 
design specifications. Subtle differences between the 
experimental and codified distribution factors may be 
attributed to several factors. The short length of the end 
span, in addition to the support conditions for that span 
likely affects the lateral distribution of load on that span. 
The over design of the girders in initial design, the panels 
being interconnected, the bridge being three-span 
continuous, the unsymmetrical overhangs, as well as other 
factors may be possible sources for the lower load 
distribution factors seen in Fig. 19 for the center span. 
a 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge as mention previously. Table 3 
lists the maximum differential deflections between adjacent 
girders for both load cases. For the Lost Creek Bridge, 
differential girder deflection varied between one hundredth 
of an inch to just over a tenth of an inch. The largest 
differential deflection was 0.124 in. in load case 1. 
Differential deflection was found to be the largest away from 
the load truck and decreased transversely towards the load 
truck. [ 1 ] and [Z] specify no criteria for limiting differential 
deflection between adjacent girders. 
Table 3. Maximum differential irder deflections. 
Location Differential Deflection (in.) Load Case 1 Load Case 2 
G 1 S-G3S 0.124 0.093 
G3S-GSS 0.024 0.061 
G 1 N-G3N 0.025 0.028 
G3N-GSN 0.013 0.023 
Deck Deflection Behavior 
For the Lost Creek Bridge, only global deflection of the 
panels was recorded. Figures 20 and 21 are graphs 
illustrating the deflection of the panels and adjacent girders 
for load cases 1 and 2. Looking at Figs. 20 and 21, increases 
in deflection are evident as each axle of the load truck passes 
over the panel. In addition, the slope of the deflection curve 
observed for the panels is steeper than that of the girders, 
and the deflection of the panels tends to follow astair-step 
pattern. The stair-step pattern is not as prevalent when the 
loads are applied away from the points of measurement, as 
in Fig. 20a. 
One possible explanation for this stair-step behavior is the 
interconnecting steel dowels. Over time, the holes for the 
dowels may have become slotted. As a result, the panels 
will deflect relatively easily until the dowel reaches the end 
of the slot, at which point, the stiffness of the panels 
increases significantly resulting in decreased deflection and 
a stair-step behavior. The reoccurrence of this stair-step 
pattern as the load truck progresses across the bridge may be 
a result of cupping of the panels due to differences in 
moisture content from one side of a panel to the other. If the 
panels cup concave upwards, a rocking action will occur 
which may result in the repetitive bearing and unbearing of 
the dowels between panels. The exact source of the 
behavior seen however is unknown. 
Listed in Table 4 are the deflections of the panels after 
subtracting off the average deflection of adjacent girders. 
The magnitudes of the panel deflections listed in Table 4 are 
well within the suggested limits (0.1 in. maximum deflection 
of deck panels) presented by [ 11 ]. This limit may also be 
applied to differential panel deflection. However, since this 
type of deflection was unable to be calculated for this 
structure, its significance is unknown. No other limitations 
are given in the current specifications for live load deflection 
in glued-laminated deck panels. The only other criterion 
presented by [ 11 ] is that effective deck panel spans stay 
within acceptable limits. For the Lost Creek Bridge, the 
effective span is 90 in., which is the maximum approximate 
effective deck span allowed for interconnected deck panels 
continuous across more than two spans. 
Table 4. Panel deflections relative to the girders. 
Location Relative Deflection (in.) Load Case 1 Load Case 2 
P3 
P4 
P8 
0.006 0.036 
0.036 0.022 
0.040 0.048 
Truck Position crt.) 
a. Panel location P3. 
50 6U Fu - ~- mo 
G2C 
--a- P4 
—"-- G 
Truck Position (ft.} 
b. Panel location P4. 
103 
aoz 
00 
o~ 
c 
y -oos u v 
v -0.10 
0.1~ 
a la 
01t; 
0 0_ 
G ~, 
0 0~ 
-~ 
Truck Position (ft.} 
c. Panel location P8. 
Figure 20. Relative panel-girder deflections, load case 1. 
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Figure 21. Relative panel-girder deflections, load case 2. 
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Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. In all respects, the bridge was found to be in 
excellent condition; the bridge showed no signs of 
deterioration. The glued-laminated girders and transverse 
glued-laminated deck panels were reported to be in excellent 
condition for all inspections, and the deck panels are still set 
firmly on the girders and tightly against one another. Initial 
inspections found the asphalt wearing surface in excellent 
condition. However, inspection by the testing team from 
Iowa State University found several minor transverse cracks 
in the asphalt. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Two load cases were 
investigated for this bridge. 
The live load deflection performance of the bridge under 
static loading was found to be within current design 
specification recommendations. Maximum deflection values 
for the girders for both. load cases was -0.18 in. at the 
midspan of the 47 ft center span. Similarly, load distribution 
factors calculated from measured deflections mirrored, and 
in were often lower than those outlined in current 
specifications. The magnitude of the deflections and 
distribution factors suggests some aspect of the structure is 
providing a level of strength, or stiffness, not anticipated in 
design. Several possible sources include the possible initial 
over design of the girders, the girders being continuous 
across all three spans, the deck panels being interconnected 
by steel dowels, the presence of the timber guardrails and 
sidewalk, presence of unsymmetrical overhangs, as well as 
other factors. 
Differential deflection between girders ranged from several 
hundredths to nearly 0.14 in. Exactly how minor or severe 
these deflections are is unclear; since no limits are currently 
provided in design specifications and the condition of the 
wearing surface shows no signs of significant deterioration 
or cracking. 
Maximum deflection values for the deck. panels were 
approximately -0.12 in. and increases in deflection are 
evident in the panels as wheel loads pass directly over the 
points of measurement. Relative to the girders, the 
maximum panel deflection was calculated to be 
approximately 0.05 in., which is less than the limit suggested 
by [ 11 ] of 0.10 in. for deck panel deflections. No other 
limits are provided in the current specifications regarding 
these deflections. However, the condition of the asphalt 
wearing surface suggests that these deflections are not the 
source of any noticeable problems. 
In conclusion, from the results obtained from the testing and 
analysis of the Lost Creek Bridge it was found that the 
overall bridge performance -under static live loading is 
adequate and within specified limits. 
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Appendix A - Information Sheet 
General 
Name: Lost Creek Bridge 
Location 
State: Oregon 
County: Clackamas 
Highway: FS Rd. # 1825-3 80 
Feature Crossed: Lost Creek 
Design Configuration 
Structure Type: Longitudinal Glued- Laminated 
Girder Bridge 
Total Length (out-out): 72 ft 
Skew: 0 
Number of Spans: 3 
Span Lengths) (c-c bearing): 12.5 ft, 47 ft, 12.5 ft 
Date Constructed: 1974 Width (out-out): 20 ft 
Owner: Width (curb-curb): 169 in. 
Date Tested: October, 2002 Number of Traffic Lanes: 1 
Testing Organization/Crew: ISU; TW, BP, DW Design Loading: H.S. 20 
Bride Composition 
Material Grade/S ecies p Size S mbol y
- Preservative 
Treatment 
Girders Glued- 
laminated 
Douglas Fur / 
Western Larch 
10.75" x 49.5" 24F Pentachlorophenol 
Deck Panels Glued- 
laminated 
Douglas Fur / 
Western Larch 
7" x 4' Comb. 2 Pentachlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Steel A36 Angles/bars N/A N/A 
Abutments Glued- 
laminated 
Bulkheads 
Douglas Fur / 
Western Larch 
6.75" x var. Pentachlorophenol 
Piers Concrete N/A 18"x 18" col. / 
22"x27" cap 
N/A N/A 
Anchorage Type and Configuration: Bearing plate and rocker at piers; steel angle and through bolts at glued-
laminated bulkhead abutments 
Wearing Surface Type: Asphalt 
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Abstract Contents 
The Erfurth Bridge was originally constructed in 1966 south Page 
of Mount Vernon, Wisconsin on Highway U. In 1992, the 
concrete deck and steel girders were replaced on the existing Introduction 3 
structure with a longitudinal glued-laminated timber girder 
bridge. The current structure is 42 ft — 6 in. long and 31 ft — Objective and Scope 3 
11 in. wide. This two-lane bridge consists of twelve glued-
laminated girders, a 3.25-in. thick transverse glued- Background 3 
laminated deck and an asphalt wearing surface. The 
performance of the bridge under static loading is the focus of Bridge Description 4 
this report. Testing involved the collection of deflection 
data under controlled loading, as well as comprehensive Evaluation Methodology 7 
visual inspections conducted to assess the overall bridge 
condition. The combination of live load deflection data and Instrumentation 7 
general condition of the bridge were used to relate 
deterioration of the wearing surface and superstructure due Static Loading 9 
to traffic induced deflections. 
Condition Assessment 10 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT} program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design. timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the fourth in a series aimed at collecting, 
analyzing, developing and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Erfurth Bridge including testing procedures 
and performance of the bridge under static loading. The 
Erfurth Bridge is a two-lane, simple-span, longitudinal 
glued-laminated girder bridge near Mount Vernon, 
Wisconsin with a clear span distance of 39 ft — 6 in. (See 
Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units 
Conversion SI Unit Factor English 
inch (in.} 
foot (ft) 
foot2
pound (lb) 
lb/in' (stress) 
lb/ft` (weight) 
25.4 
0.3048 
0.09 
0.14 
6, 8 94 
4.88 
millimeter (mm} 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram meter`' (kg/m 
Objective and Scope 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others evaluated 
in this series will be used to formulate recommendations for 
design specifications related to deflection criteria to be used 
on similar longitudinal glued-laminated girder bridges. 
Background 
The Erfurth Bridge satisfied the overall needs of the project 
and therefore was selected for testing. Figure 1 shows the 
Madison/Mount Vernon area and the location of the Erfurth 
Bridge included in this report. 
The Erfurth Bridge crosses Mount Vernon Creek and is 
located south of Mount Vernon in Dane County, Wisconsin. 
Elevation and end view photographs of the bridge are shown 
in Fig. 2. The bridge is located on Highway U 
approximately aquarter-mile west of the intersection of 
Highway U and Highway 92 and approximately a mile south 
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of Mount Vernon. Highway U is a paved road with a low 
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traffic. The bridge was originally built in 1966, and in 1992, 
the superstructure was replaced on the existing abutments. 
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Figure 2. Erfurth Bridge, Mount Vernon, Wisconsin. 
Bridge Description 
The Erfurth Bridge is a two-lane, simple-span longitudinal 
glued-laminated girder bridge with a clear span of 39 ft —
6 in., as illustrated in Fig 3. The bridge has a roadway 
width, measured between the curbs, of 30 ft, and zero 
degrees of skew. The out-to-out length of the bridge, 
measured from the inside edge of each abutment backwall, is 
41 ft - 6 in. and the out-to-out deck width is 31 ft — 11 in. 
The supporting substructure consists of reinforced concrete 
(RC) abutments and wing walls founded on spread footings 
and glued-laminated timber backwalls located immediately 
behind the glued-laminated girders. 
Spanning between the RC abutments are twelve 14.25 in. x 
23.5 in. glued-laminated girders. Each of the twelve girders 
themselves are composed of two full-depth girders, one 
8.5 in. wide and the other 5.~ in. wide. Across-sectional 
sketch and photograph of a typical girder are illustrated in 
Fig. 4. The 41 ft — 6 in. long girders are supported on either 
end by a 12-in. neoprene pad on the abutments' 15 in. seats. 
The neoprene pads rest on a steel plate on the concrete 
abutments. These plates have vertical flanges extending up 
on either side of the girders for attachment of the girders to 
the abutment. Figure Sa and Sb show a photograph of a 
typical neoprene pad and the base plate attachment, 
respectively. The exterior girders on either side of the 
bridge are inset 20.75 in., measured from the outside edge of 
the deck to the centerline of the girder, and the center-to-
center distance between successive girders is 31 inches. 
Lateral support of the girders is provided near mid-span 
below a deck panel joint and below the first deck panel joint 
adjacent to the north and south abutments by timber 
diaphragms. The diaphragms are staggered on either side of 
the panel joint for the entire width of the bridge at each 
location. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nomina13.25 in. x 4 ft — 4 in. panels 
measuring 31 ft — 11 in. in length. The 52 in. wide 
transverse, glued-laminated panels are set tightly against one 
another and are attached to the girders with ring shank 
spikes. The wearing surface, seen in Fig. 6, consists of a S-
in. thick asphalt overlay. 
Curbs on the Erfurth Bridge are composed of 11 in. x 12.75 
in. glued-laminated timbers attached to the deck with bolts. 
The guardrail for the bridge consists of solid timber posts 
and glued-laminated rails. Stiffener beams measuring 11 in. 
wide by 6.75 in. deep are installed under the deck along the 
outside edges of the bridge. Attachment of the guardrail is 
provided by the curb, deck and longitudinal stiffener beams. 
The guardrail posts extend 2 ft — 6 in. above the wearing 
coarse with a solid timber rail measuring 6.75 in. x 11 in. 
attached to the top of the posts. Figure 7 shows a 
photograph of the curb/guardrail detail. 
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Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 8. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and elevated above the river/stream 
using tripods. 
Measurement of differential deflection of the deck panels 
required that the location of adjacent panel joints be located. 
Since full panels are not always located on the ends of the 
bridge, careful inspection under the bridge was required to 
locate adjacent deck panel joints due to the tight fit between 
panels. Once panel joints were located, two cross-sections 
of the bridge were instrumented. The locations of the two 
rows of transducers and the truck position for each load case 
are illustrated in Fig. 9. The first row of transducers, located 
3 ft — 2in. from the south abutment backwall at a panel joint, 
consisted of transducers positioned on the underside of the 
girders Gl, G2, G6 and G7 as well as on either side of deck 
joints between Gl and G2 and between G6 and G7. The 
second row was located 15 ft — 2in. from the north 
abutment, along the nearest panel joint to the centerline of 
the span of the bridge and consisted of transducers on the 
underside of all twelve girders and on either side of the deck 
panel joint. The transducers were attached to the all of the 
girders at the center of the total 14.25 in. width. 
Additionally, on girder G2 at the midspan location, a 
transducer was installed at the center of the smaller girder 
section to verify that the two sections are acting together. 
11> 
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a. Transducers near south abutment. b. Transducers near mid-span. 
Figure 8. Transducer set-up for testing. 
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Figure 9. Transducer locations for the Erfurth Bridge. 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Dane County 
Highway Department. Figures 10 and 11 show the load 
truck dimensions, axle weights, and the load truck used for 
testing. The total weight of the truck was 67,700 lbs, with 
front and rear axle weights of 18,6201bs, 24,810 lbs., and 
24,810 lbs, respectively. The rear wheelbase for the load 
truck was 6 ft., the rear axle spacing was 4 ft - 9 in. from 
center-to-center, and from the forward most rear axle to the 
front axle measured 16 ft. 
Selection of truck position for the two load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The two load cases are illustrated in 
Fig. 12. For the first load case, the truck was driven north at 
crawl speed with the centerline of the right rear wheel line 
offset from the face of the curb 2 ft. The second load case 
involved the load truck driving north at crawl speed with the 
left wheel line centered on the centerline of the bridge. 
24,810 lb. 24,8101b. 
Edge Curb 
~- 4' — 9"~~   16' 
18,6201b. 
~ I 
Figure 10. Vehicle configuration and axle loads. 
Figure 11. Testing of the Erfurth Bridge. 
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Figure 12. Transverse load position used for the Erfurth 
Bridge. Vehicles travel north, out of page. 
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Condition Assessment 
Condition assessments were completed on several occasions. 
The first was immediately after reconstruction of the 
superstructure in 1992 by Dane County. Inspections were 
conducted approximately every two years thereafter by Dane 
County. The last condition evaluation was completed in 
April of 2003 during the load testing described herein. 
These assessments involved visual inspections and 
measurements for all three of the evaluations as well as 
photographic documentation of the bridge condition. 
Specific items of interest included the condition of the 
wearing surface, deck, girders, and the overall condition of 
the structure. 
Wearing Surface 
In 1990, when the deck was replaced, a 3 in. thick asphalt 
wearing surface was applied to the new glued-laminated 
deck. The following inspection report, completed in 1992, 
reported `hairline transverse cracks' in the asphalt wearing 
surface. The 1994 inspection report indicated no apparent 
leaking under the bridge between the deck panels and that a 
new seal coat had been applied to the wearing surface. No 
additional comments were found in the 1996, 1998, or 2000 
inspection reports. However, in 2003 transverse cracks in 
the asphalt were noted. Inspection of the wearing surface 
prior to testing revealed significant transverse cracking over 
the entire length of the bridge. Figures 13 and 14 show the 
cracks in the asphalt wearing surface on the Erfurth Bridge. 
The pattern of cracking was extremely regular and all cracks 
were measured to be within two inches of a deck panel joint. 
;: ~:: ~; ~H. .. . . .. 
Figure 13. Transverse cracks in asphalt wearing surface. 
Figure 14. Wearing surface crack filled with bituminous 
sealant. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge prior to testing. No signs of distress or structural 
defects were noted and the deck was given a very good 
rating in all cases. However, visual inspection during testing 
presented several areas where the bituminous sealant used to 
seal the cracks in the asphalt was leaking through the panel 
joints. Figures 15 and 16 show the leakage of the sealant 
through the panel joints and down the side of the girders. 
Besides the sealant ingress through the panel joints, no 
structural problems were found with the deck panels. All 
panels appeared to be seated properly on the girders and 
showed no signs of deterioration or distress. 
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Figure 15. Sealant leaking through deck panel joint. 
Figure 17. Girder bearing condition. 
Girders 
Inspection reports from the 12 years since the installation of 
the glued-laminated girders indicated no problems or signs 
of deterioration. Visual inspection of the girders at the time 
of testing found similar results. In general, the girders were 
in good condition with no noticeable splitting, checking, or 
other signs of deterioration. Girder bearing at the abutments 
was found to be in good condition. Figure 17 shows the 
bearing condition of a girder at one abutment. The neoprene 
bearing pads were still in place and in good condition, and 
the steel angles and bolts connecting the girders to the 
abutments showed no signs of excessive rotation. The only 
other problem noted with the girders was several small 
"gaps" between the two members that make up the complete 
cross-section as shown in Fig 18. 
Figure 16. Sealant leakage through panel joints and 
down girder. 
Figure 18. Gap between girder sections. 
Overall Structure 
Overall, the structure was in good condition. The 
substructure showed no signs of deterioration or scouring, 
and the girders were still firmly seated on the abutments. 
The structural condition of the girders and deck panels was 
very good; no signs of deterioration, splitting, or checking 
were evident in the girders or deck and the connection 
between the two was still tight with no visible gaps. 
The approaches and wearing surface of the bridge showed 
some signs of deterioration. The asphalt approaches on 
either end of the bridge were patched with seal coat and 
were rough. The asphalt wearing surface on the bridge was 
in poor condition. Significant transverse cracking was 
evident throughout the length of the bridge, at intervals that 
coincide with the location of the deck panel joints. 
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Results and Discussion 
Data Analysis 
The following presents the results of the static load testing of 
the Erfurth Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
Girder Deflection Behavior 
Illustrated in Fig. 19 are the deflection profiles of the bridge 
for load cases 1 and 2 when the load truck is approximately 
at midspan. Due to a malfunction with the transducer at 
girder G 10, all deflections at that location were 
approximated as the average of girders G9 and G 11. 
Listed in Table 2 are the maximum measured midspan girder 
deflections. The maximum deflection was measured at 
girder G4 for both load cases and was approximately 0.85 in. 
Outside of the deflection behavior of girder G3 and G4, the 
deflection pattern of all the other girders is what one would 
expect. The large deflection seen in girder G4 is likely a 
result of there being a wheel line directly over that girder in 
both load cases. In addition, several other factors may be 
affecting the deflections seen in girders G3 and G4: 
differences in stiffness of the girders, differences in support 
conditions, the girder cross-sectional detail, and the thin 
glued-laminated timber deck. The atypical deflection 
behavior of girders G3 and G4 may also be a result of only 
part of the two-piece girders initially supporting the load, 
and as the load increases, the other section of the girders 
becomes active as well. 
Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form L/n, L being clear 
span in inches. Listed in Table 3 are several deflection 
criteria found in current specifications. The value of n using 
the maximum measured deflections, and after normalization 
to the standard HS-20 truck, from load cases 1 and 2 are 515 
and 535, respectively 
From the data, it appears that the performance of the bridge 
is within current deflection criteria limitations. The 
difference between the specified deflection criteria and those 
calculated from the n values calculated from measured 
deflections may be attributed to several factors. First, the 
girders may have initially been over designed to reduce 
deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. 
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Figure 19. Deflection protles at midspan. 
a e 2. Maximum measured midspan girder deflections for load cases 1 and 2. 
Load G 1 G2 G3 G4 GS G6 G7 G8 Case G9 G10 G11 G12 
1 -0.437 -0.489 -0.226 -0.864 -0.441 -0.284 -0.135 -0.101 -0.058 -0.044 -0.030 -0.010 
2 -0.091 -0.169 -0.083 -0.833 -0.289 -0.392 -0.414 -0.314 -0.205 -0.181 -0.156 -0.016 
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Table 3. Deflection criteria. 
Source Deflection Criteria 
Ref. [1] L/500 
Ref. [2] L/425 
Ref. [ 11 ] L/360 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. 
Where, 
O. 
DF; _ ~~ 
~i 
i=1 
DF; =distribution factor of the ith girder 
(lanes/girder). 
.~; =deflection of the ith girder. 
~.~; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors 
calculated for load cases 1 and 2 as well as those calculated 
using guidelines found in [ 1 ]and [2] are illustrated in Fig. 
20. From Fig. 20 it is clear that the equations in [ 1 ] and [2] 
used to calculate distribution factors are generally 
conservative, more so at the exterior girders than at the 
interior girders. 
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Figure 20. Experimental and anal~~tical distribution 
factors. 
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In addition to global girder deflection, differential girder 
deflection may be important to the long-term performance 
and durability of the bridge. Figure 21 shows the maximum 
differential girder deflections for both load cases. The 
majority of the differential deflections are less than 0.25 in. 
However, because of the large deflection of girder G4, a 
couple of the differential deflections are as much as 0.63 -
0.74 in. Those less than a quarter of an inch seem 
reasonable based on the magnitude of the deflections and the 
spacing of the girders, but the severity of the larger 
differential deflections is unclear as [ 1 ] and [2] specify no 
criteria regarding this type of displacement. 
Inspection of the wearing surface, however, provides some 
insight into the magnitude of the differential deflection 
around girder G4. Figure 22 shows the condition of the 
wearing surface and, specifically, the presence of 
longitudinal cracking in the asphalt near girders G4 and G5. 
It is believed that the longitudinal cracks above and to the 
west of GS are the result of the deflection behavior seen in 
Fig. 19. The deflection pattern seen in Fig. 19b suggests that 
the cracks above GS and near G6 may be a result of repeated 
stress reversal in those areas due to the differential girder 
deflections. The large deflection of G4 and comparatively 
small deflections of the adjacent girders may induce tensile 
forces in the asphalt wearing surface above GS resulting in 
longitudinal cracking of the asphalt. The lack of 
longitudinal cracking of this severity on the rest of the 
bridge indicates the magnitude of the differential girder 
deflections near girder G4 may be the source of the problem. 
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Figure 22. Longitudinal cracks in asphalt near G5. 
Deck Deflection Behavior 
The deflection of the deck panels was investigated at four 
different locations, indicated in Fig. 9 as P 1 through P4. 
Table 4 lists the maximum panel deflections relative to the 
adjacent girders for both load cases at all four locations. 
[ 11 ] presents a limitation on panel deflection of 0.1 in. and 
suggests that further reductions be made in the presence of a 
pedestrian walkway or asphalt wearing surface. Currently 
no other specifications provide criteria limiting this type of 
deflection on timber bridges. 
From Table 4 it evident that all of the panel deflections are 
less than the recommended maximum of 0.1 in. Even so, 
there is a significant amount of minor cracking evident in the 
wearing surface, which may or may not be attributed to the 
panel deflections. 
Table 4. I~laximum panel deflections relative to girders. 
Load 
Case 
1 
Pl 
0.080 
0.001 
Deflection (in.) 
P2 
0.002 
0.016 
P3 
0.065 
0.001 
P4 
0.000 
0.060 
In addition to global panel deflections, differential deflection 
between panels is of importance. Figures 23 and 24 
illustrate the differential panel deflection at locations P 1 —
P4 for load cases 1 and 2, respectively. In each case, the 
differential panel deflections are less than 0.03 in., and are 
typically less than 0.01 in. when a wheel line is not centered 
between two girders. When a wheel line is centered between 
two girders, the differential panel deflection increases varied 
amounts. As a load approaches and crosses the panel joint 
the differential deflection increases in magnitude 2 — 3 
times, at one location to as much as 0.12 in. These larger 
differential panel deflections were seen only at location P2, 
at all other locations the maximum differential deflections 
were less than approximately 0.04 in. 
In general, the severity of these differential deflections is 
unknown; currently no criteria are specified in the design 
specifications limiting differential deflection of glued-
laminated deck panels. However, the presence of transverse 
cracks in the asphalt, which correspond to the deck panel 
joint locations, is a good indication that the differential panel 
deflections measured during testing may be significant. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. 
Throughout the life of the structure, the glued-laminated 
girders and deck panels have remained in excellent 
condition; the only problem noted was several small gaps 
forming between the small girder sections that make up the 
twelve main girders of the bridge. The deck panels are set 
firmly on the girders and tightly against one another and the 
girders are firmly seated on the abutments with no signs of 
rotation or crushing of the members. The most significant 
deterioration was found in the asphalt wearing surface. 
Other than the mention of minor transverse cracks in the 
wearing surface in the inspection report following its 
installation, no other comments were noted regarding 
deterioration of the wearing surface. However, prior to 
testing, significant transverse and longitudinal cracks were 
evident in the wearing surface. The most significant 
transverse cracks correspond to the deck panel joints, and 
are most likely a result of differential panel deflections. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Two load cases were 
investigated for this bridge. 
The performance of the bridge under static loading was 
found to be within current design specification 
recommendations. Maximum midspan deflection values for 
the girders were found to be approximately 0.85 in. for both 
load cases. Even with these deflections normalized to a 
standard HS-201oad configuration, they are within current 
design specifications. These large deflections were only 
measured at girder G4; all other girder deflections were less 
than 0.5 in. It should be noted that inspection of the wearing 
surface identified a longitudinal crack in the asphalt adjacent 
to girder G5, which is likely the result of the large 
differential deflection (approximately 0.56 in.) between 
girder G4 and the adjacent girders. No other significant 
longitudinal cracks were found in the wearing surface. 
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Maximum panel deflections between successive girders 
were less than the 0.1 in. suggested by [ 11 ] to reduce panel 
vibrations, prevent rotation of the deck about the girders and 
reduce loosening of connections. However, the presence of 
transverse cracking in the asphalt is an indication that the 
differential panel deflections may be significant to the 
condition of the wearing surface. 
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In conclusion, from the results obtained from the testing and 
analysis of the Erfurth Bridge it was found that the overall 
bridge performance under static live loading is adequate and 
within specified limits. However, both longitudinal and 
transverse cracking of the wearing surface is evident, the 
transverse cracking being more severe. The exact source of 
the cracking is unknown, although it appears that the 
differential deflection of the panels and girders is a likely 
factor 
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APPENDIX A 
General 
Name: Erfurth Bridge 
Location: 
State: Wisconsin 
County: Dane 
Highway: Highway U 
Feature Crossed: Mount Vernon Creek 
Date Constructed: 1966/92 
Owner: Dane County 
Date Tested: April, 2003 
Testing Organization/Crew: ISU: TH, BP, DW 
Bridge Composition 
INFORMATION SHEET 
Design Configuration 
Structure Type: Longitudinal Glued-laminated Girder 
Bridge; Transverse glued-laminated deck panels 
Total Length (out-out): 41 ft — 6 in. 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearing): 40 ft — 6 in. 
Width (out-out): 31 ft — 10.5 in. 
Width (curb-curb): 30 ft —0.5 in. 
Number of Traffic Lanes: 2 
Design Loading: HS20 
Material Grade/Species Size Symbol Preservative Treatment 
Girders Glued- 
laminated 
Douglas Fir / 
Western Larch 
14.25" x 
23.625" 
22F-V4 Pentachlorophenol 
Deck Panels Glued- 
laminated 
Douglas Fir / 
Western Larch 
3" x 4' Comb. 2 Pentachlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Solid Timber Douglas Fir / 
Western Larch 
No. 1 
Structural 
Pentachlorophenol 
Abutments Concrete N/A N/A N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel base plate with neoprene pad bolted to girders and abutment. 
Wearing Surface Type: 3 in. ACC 
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APPENDIX E 
LIVE LOAD DEFLECTION OF TIMBER BRIDGES 
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Abstract 
The Wittson Bridge is located in west central. Alabama and 
was reconstructed in 1993. The current structure is a 
longitudinal glued-laminated timber girder bridge with a 
232-ft length and a 16-ft width. This single-lane, four-span 
bridge consists of four glued-laminated girders, a nominal S-
in. thick transverse glued-laminated deck and an asphalt 
wearing surface. The performance of this bridge under static 
loading is the focus of this report. Testing involved the 
collection of deflection data under controlled loading, as 
well as comprehensive visual inspections conducted to 
assess the overall bridge condition. The combination of the 
live load deflection data and general condition of the bridge 
were used to relate deterioration of the wearing surface and 
superstructure due to traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a colmbination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deteroration and the creation of future design 
specifications and standards. 
This report is the fifth in a series aimed at collecting, 
analyzing, developing and distributing information on the 
correlation between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Wittson Bridge including testing procedures 
and performance of the bridge under static loading. The 
Wittson Bridge is a single-lane, four-span, longitudinal 
glued-laminated girder bridge with spans of 50 ft, 50 ft, 102 
ft, and 30 ft from center-to-center of supports starting at the 
north abutment and proceeding south. (See Table 1 for 
metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot2
pound (lb) 
lb/in2 (stress) 
lb/ft'` (weight) 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram/meter` (k 
Objective and Scope 
/m2) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others evaluated 
in this series will be used to formulate recommendations for 
design specifications related to deflection criteria to be used 
on similar longitudinal glued-laminated girder bridges. 
Background 
Figure 1 shows Alabama and the location of the Wittson 
Bridge included in this report as well as the other three 
bridges tested in the area and included in three companion 
reports. The Wittson Bridge is located in north central 
Tuscaloosa County, Alabama. Elevation and end view 
photographs of the bridge are shown in Fig. 2 and 3. 
In 2001, Anil Kurian completed his master's work at Iowa 
State University, which included research on, `Finite 
Element Analysis of Longitudinal Glued-laminated Timmber 
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Deck and Glued-laminated Timber Girder Bridges.' [9] His 
research involved the testing of four glued-laminated girder 
bridges (Cow Gulch Bridge, MT; Hibbard Creek Bridge, 
MT; Wittson Bridge-span 3, AL; Wittson Bridge, AL). 
Kurian's work entailed outfitting each bridge with deflection 
measurement equipment, loading each bridge and gathering 
static deflection information to be compared with results 
from an analytical model of the bridge. 
In addition, Jan Dlabola conducted his master's work at 
Iowa State University studying the dynamic behavior of 
glued-laminated timber girder bridges. His work involved 
the dynamic testing of four timber girder bridges in 
Alabama. [6] The static information and condition 
evaluations obtained from Kurian and Dlabola's work along 
with the static testing and condition evaluation done recently 
for this project will provide invaluable information regarding 
the time-history performance of the bridge, any increase or 
decrease in deflection, as well as any possible deflection 
induced deterioration of the bridge over time. 
Figure 1. Location of bridges tested in Alabama. 
Figure 2. Elevation view, Wittson Bridge. 
:~:.~ ~~:x.~, ,~~;.-
Figure 3. End view, Wittson Bridge. 
Bridge Description 
The Wittson Bridge is a single-lane, four-span longitudinal 
glued-laminated girder bridge with spans of 50 ft, 50 ft, 102 
ft, and 30 ft measured from center-to-center of supports. 
Spans 1 and 3 were selected for testing and are discussed 
herein; spans 1 and 3 are shown in plan and profile in Figs. 4 
and 5. The bridge has a roadway width, measured between 
the gaurdrails, of 16 ft, and zero degrees of skew. The out-
to-out length of the bridge, measured from center-to-center 
of each abutment backwall, is 232 ft and the out-to-out deck 
width is 16 ft. The supporting substructure consists of 
reinforced concrete (RC) abutment backwalls, caps, and 
wing walls and steel H-piles with concrete caps for the piers. 
Span 1 
Spanning between the north RC abutment and the north pier 
are four 6.75 in. x 43 in. glued-laminated girders. The 
girders are simply supported and bearing is provided by steel 
bearing plates set on the abutment and pier caps. Steel 
angles and through bolts provide anchorage for the girders to 
the abutment and pier. The exterior girders on either side of 
the bridge are inset 20 in., measured from the outside edge 
of the deck to the centerline of the girder, and the center-to-
center distance between successive girders is 51 in. Lateral 
support of the girders is provided at approximately the one-
third span locations and near the abutments by steel angle 
cross bracing. 
Span 3 
Spanning between piers two and three are four 6.75 in. x 
63.25 in. glued-laminated girders. The girders are simply 
supported between the piers and support is provided by steel 
bearing plates set on the pier caps. Steel angles and through 
bolts provide anchorage for the girders to the piers. The 
exterior girders on either side of the bridge are inset 20 in., 
measured from the outside edge of the deck to the centerline 
of the girder, and the center-to-center distance between 
successive girders is 51 in. Lateral support of the girders is 
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provided near the abutments and at intervals of 
approximately 20 ft across the length of the bridge by steel 
angle cross bracing. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nominal 5 in. x 4 ft panels measuring 16 ft in 
length. The 4-ft wide transverse, noninterconnected, glued-
laminated panels are set tightly against one another and are 
1'-6 
1 
attached to the girders with ring shank spikes. The wearing 
surface for this bridge consists of a 3-in. layer of asphalt, as 
seen in Fig. 6a. No curbs are present on the Wittson Bridge. 
The guardrails are composed of solid timber posts and steel 
rails, as shown in Fig. 6b. Support for the guardrail is 
provided by bolts into the deck panels as well as steel 
bracing and bolts between the exterior girder and the bottom 
of the post extending below the deck. 
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a. Asphalt wearing surface. 
b. Guardrail. 
Figure 6. Wittson Bridge wearing surface and guardrail. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and the instrumentation layout used for the previous testing 
of this bridge. A photograph of the transducer setup 
typically used is shown in Fig. 7. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and elevated above the river/stream 
using tripods. 
Inspection underneath the bridge revealed that the eyehooks 
used for testing in 1995 were still in place. Therefore, new 
eyehooks were installed were needed and used in addition to 
those still in place. The locations of the transducers and the 
truck position for Span 1 are illustrated in Fig. 8 for the 2003 
testing and illustrated in Fig. 9 are the transducer locations 
for the 1995 testing. In 2003, panel deflections were 
measured at three panel joint locations on Span 1: 2 ft — 6 
in. south of the centerline of the north abutment, 2 ft — 6 in. 
south of the midspan of Span 1, and 5 ft — 10 in. north of the 
centerline of the north pier. In addition, girder deflections 
were recorded at midspan of Span 1. In 1995, panel 
deflections were recorded along two panel joints as well as 
at the center of two panels. The two panel joints were 
located 2 ft —6 in. south of the centerline of the north 
abutment and 1 ft — 8 in. north of the midspan of Span 1. 
North of each of these joints, panel deflections were 
measured at the center of the panel width. Girder deflections 
were also recorded at midspan of Span 1. 
Installation of transducers on Span 3 in 2003 was limited 
due to high water. Therefore, only differential deflections 
were recorded along the nearest panel joint to midspan of 
Span 3 midway between girders G4 and G3 and girders G3 
and G2. In 1995, transducers were only installed under the 
girders along the midspan of Span 3. 
Figure 7. Typical transducer set-up for testing. 
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Figure 8. Span 1 transducer locations and truck position for the Wittson Bridge, 2003 testing. 
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Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Tuscaloosa County 
Highway Department. Figures 10 and 11 show the load 
truck dimensions and axle weights used for testing in 2003 
and 1996, respectively. The total weight of the 2003 truck 
was 67,900 lbs, with front and rear axle weights of 17,s20 
lbs, 2s,190 lbs, and 2s,190 lbs. The total weight of the 199s 
truck was s s,400 lbs, with front and rear axle weights of 
16,860 lbs, 19,2701bs, and 19,270 lbs. The rear wheelbase 
for the 2003 load truck was 6 ft, the rear axle spacing was s 
ft — 0 in. from center-to-center, and from the forward most 
rear axle to the front axle was 17 ft - 0 in. The rear 
wheelbase for the 199s load truck was 6 ft, the rear axle 
spacing was 4 ft —sin. from center-to-center, and from the 
forward most rear axle to the front axle was 16 ft — 0 in. 
Selection of truck position for the two load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The load cases investigated for the 
199s and 2003 testing are illustrated in Fig. 12. The load 
truck used for the most recent testing is shown in Fig. 13. 
The first load case for the 2003 testing involved the truck 
driving south at crawl speed with the left wheel line offset 2 
ft from the curb. The second load case involved the truck 
driving south at crawl speed with the centerline of the load 
truck following the longitudinal centerline of the bridge. 
The third load case involved the load truck driving south at 
crawl speed with the right wheel line centered between 
girders G3 and G4. 
2s,190 lb. 2s,190 lb. 17,s20 lb. 
5 ~ ~~ 1 ~  ►~ 
Figure 10. Vehicle configuration and axle loads (2003). 
19,2701b. 19,2701b. 
4' — s"  16' 
16,860 lb. 
Figure 11. Vehicle configuration and axle loads (1995). 
136 
1'-$~~ 
h~ S' 
1'-8"~ 
G1 
GI 
1'-8" 
G2 G3 G4 
3 Spaces @ 4' - 3 " -~-
Load Case 1 - 2003 
G2 G3 
3 Spaces @ 4' - 3" 
Load Case 2 - 1995, 2003 
G2 G3 
3 Spaces @ 4' - 3" 
Load Case 3 - 1995 
Figure 12. Transverse load position, 2003. Vehicles 
travel south, into the page. 
Condition Assessment 
Inspection reports from Tuscaloosa County dating back to 
1995 were obtained and reviewed for inclusion in this report. 
In addition, a condition evaluation was completed in May of 
2003 prior to testing. These assessments involved visual 
inspections and measurements as well as photographic 
documentation of the bridge condition on the final condition 
assessment. Specific items of interest included the condition 
1~-g~~ of the wearing surface, deck, girders, and the overall 
condition of the structure. 
1'-g►~ 
G4 
Figure 13. Test truck for Wittson Bridge. 
_1._ g,. 
Wearing Surface 
All of the inspection reports obtained from Tuscaloosa 
County rated the asphalt wearing surface a 7 and gave no 
specific comments indicating significant deterioration. 
However, inspection prior to testing revealed significant 
transverse cracking and minor longitudinal cracking. Figure 
14 illustrates the transverse cracking pattern seen on Span 1. 
The transverse cracks were predominantly on the three short 
spans and terminated approximately 10 ft on either side of 
the piers. Figure 15 illustrates the termination of the 
transverse cracks over a pier. In addition, the cracking 
pattern mirrored the locations of the panel joints of the 
glued-laminated deck. Illustrated in Fig. 16 is a large crack 
in the wearing surface over the south pier of Span 3. The 
majority of the cracking over Span 3 is longitudinal cracking 
with minor transverse cracks evident as well. 
Figure 14. Transverse cracking pattern on span 1. 
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Figure 15. Diminished transverse cracking over a pier. 
Figure 16. Transverse and longitudinal cracking. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge. No signs of distress or structural defects were noted 
and the panel joints were still tight in most locations, yet 
easily noticeable. 
Girders 
Visual inspection of the glued-laminated girders completed 
by Tuscaloosa County revealed no signs of deterioration or 
defects. Similarly, visual inspection and probing of the 
girders at the time of testing found no problem areas and that 
the girders were in very good overall condition. The girder 
bearing and supports looked to be in good condition. 
However, in several locations the steel bearing plates 
between the girders and the pier caps were walking out of 
position, an extreme case is shown in Fig. 17. 
Figure 17. Bearing plate displacement, north pier. 
Overall Structure 
Structurally, the bridge was found to be in good condition 
for all condition evaluations. The abutments, piers, girders, 
and deck panels are all in good condition with no signs of 
deterioration. There was however, found to be a problem 
with bearing plates walking themselves out at several 
locations. This could lead to end restraint problems, 
increased deterioration of the wearing surface and glued-
laminated deck panels, and crushing of the girders at these 
locations. Overall, however, the bridge was determined to 
be in average condition due to the condition of the wearing 
surface. The asphalt wearing surface had significant 
transverse cracks across the width of the bridge on spans 1, 
2, and 4. In addition, minor longitudinal cracks were also 
evident on Span 3. 
Resu Its 
Data Analysis 
The following presents the results of the static load testing of 
the Wittson Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
1995 Girder Deflection Behavior 
Maximum measured girder deflections for the two load 
cases from 1995 are listed in Table 2 for Span 1. Maximum 
girder deflection for span 3 was —1.207 in. The deflections 
from the 1995 tests were normalized, by total truck weight, 
to the 2003 truck for later comparison with deflections 
measured in 2003. Illustrated in Figs. 18 and 19 are the 
time-history deflections of the girders for spans 1 and 3. 
From these figures, it is evident that the general deflection 
pattern is what would be expected for the given loading. 
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However, close examination reveals astair-step deflection 
pattern is evident for most girders. The exact source of the 
behavior is unknown, but it is possible the deflection of the 
panels could be a factor. The deflection behavior of the 
panels and its relationship to the girder deflection is 
discussed subsequently. 
Table 2. Maximum irder deflections fors an 1. 
Midspan Deflection per Load Case (in.) 
1 2 3  _ 
- ~~ -0.527 -0.533 
Year 
1995 
a. Load case 2, span 1. b. Load case 3, span 1. 
Figure 18. Girder deflections versus truck position (1995). 
Figure 19. Girder deflections versus truck position for load case 2, span 3 (1995). 
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Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form L/n, L being the 
clear span in inches. Listed in Table 3 are several deflection 
criteria found in the current specifications. The values of n 
using the maximum measured deflections from load cases 2 
and 3 for spans 1 and 3, after normalization to the standard 
HS-20 truck, are listed in Table 4. 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the smaller deflections is unknown. 
Table 3. Deflection criteria. 
Source 
Ref. [ 1 ] 
Ref. [2] 
Ref. [ 11 ] 
Deflection Criteria 
L/5 00 
L/425 
L/3 60 
Table 4. n values calculated from measured deflections. 
Year Load Case, Span n value 
1995 
LC 2, 1 
LC 3, 1 
103 6 
1024 
1995 LC 2, 3 93 8 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. 
Eqn. 1 
~~, 
i=1 
Where, 
DF; =distribution factor of the ith girder 
(lanes/girder). 
~; =deflection of the ith girder. 
~; =sum of all girder deflections. 
n =number of girders. 
From Ec~n. 1, distribution factors were calculated for each 
load case. The distribution factors calculated for the 1995 
testing as well as those calculated using guidelines found in 
[ 1 ] and [2] are illustrated in Fig 20. From Fig. 2U it is clear 
that the equations in [ 1 ]and [2] used to calculate distribution 
factors are generally conservative. 
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Figure 20. Experimental and codified distribution 
factors, span 1. 
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In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 5 lists the maximum 
differential deflections between adjacent girders. For the 
Wittson Bridge, differential girder deflections varied with 
the largest occurring when the bridge was loaded as in load 
case 3. The significance of these differential deflections is 
unknown because [ 1 ] and [2] specify no criteria for limiting 
differential deflection between adjacent girders. The lack of 
longitudinal cracking in the asphalt wearing surface on Span 
1 suggests that differential girder deflections are not visibly 
affecting the condition of the wearing surface. However, the 
presence of longitudinal cracking on Span 3 suggests that 
differential deflection of the girders on the longer span may 
be a significant factor. The largest differential deflection on 
Span 3 occurred between the two exterior girders, for load 
case 2. In addition, the most significant longitudinal 
cracking occurred between the exterior two girders. 
Table 5. Maximum differential girder deflections. 
Year Load Case, Span 
Max. Differential Girder 
Deflection (in.) 
1995 
1995 
1995 
2, 1 
3, 1 
2, 3 
1995 Deck Deflection Behavior 
0.088 
0.124 
0.071 
In terms of deck panel deflections, the deflection 
performance of the Wittson Bridge varied. Panel deflection 
relative to the girders was only calculated at one location. 
The maximum calculated relative panel deflection at that 
location was 0.03 in. and is less than the limit suggested by 
[ 13] of 0.1 in. 
In addition to panel deflection relative to the girders, 
differential panel deflections are believed to be important to 
the preservation of the wearing surface and other structural 
component as well. Differential panel deflections were a 
maximum between the center two girders near the abutment 
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for Span 1 (P6S and P6N in Fig. 9). Maximum differential 
deflections for this location for load cases 2 and 3 were 0.09 
in. and 0.11 in., respectively. Shifting of the load truck from 
the concentric (load case 2) to the eccentric (load case 1) 
position slightly increased the differential panel deflections, 
but only by approximately 0.02 in. The magnitude of the 
differential deflections decreased when measured between 
the outside two girders of the bridge. Illustrated in Figs. 21 
and 22 are differential deflections measured at P4 and P6 for 
load case 3, respectively. The 0.1 in. limit suggested by [ 11 ] 
for panel deflections relative to the girders may also be 
applied to differential panel deflection. While one panel is 
deflecting up to the 0.1 in. limit, an adjacent panel may not 
deflect at all. Thus, comparing the calculated differential 
panel deflections with the 0.1 in. limit, the performance of 
the deck panels on the Wittson Bridge is questionable. In 
addition, given the extent of the transverse cracking in the 
asphalt wearing surface, it would appear that these 
differential deflections may be a significant factor. 
Differential panel deflections were not calculated in Span 3. 
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Figure 21. Differential panel deflection, P4S-P4N. 
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Figure 22. Differential panel deflection, P6S-P6N. 
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It was mentioned earlier that the stair-step response of the 
girders was believed to be partially a result of the deflection 
behavior of the deck panels. The deflection of the deck 
panels did reveal some level of stair stepping, however not 
as significant as that in the girder deflections. This does not 
rule out the deck panels as a possible source, but indicates 
that there may be other factors influencing the deflection of 
the girders and panels. 
2003 Girder Deflection Behavior 
Maximum measured girder deflections for the two load 
eases from 2003 are listed in Table 6 for Span 1. Illustrated 
in Figs. 23 and 24 are the time-history deflections of the 
girders for span 1. From these figures, it is evident that the 
general deflection pattern is what would be expected for the 
given loading. However, close examination reveals astair-
step deflection pattern is evident for most girders. The exact 
source of the behavior is unknown, but it is possible the 
deflection of the panels could be a factor. The deflection 
behavior of the panels and its relationship to the girder 
deflection is discussed subsequently. 
Table 6. Maximum girder deflections for span 1. 
Year Midspan Deflection per Load Case (in.) 1 2 3 
2003 -0.904 -0.548 
Figure 23. Girder deflections versus truck position for 
load case 1, span 1 (2003). 
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Figure 24. Girder deflections versus truck position for 
load case 2, span 1 (2003). 
Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form L/n, L being the 
clear span in inches. The values of n using the maximum 
measured deflections from load cases 1 and 2, after 
normalization to the standard HS-20 truck, are listed in 
Table 7. 
Table 7. n values calculated from measured deflections. 
Year 
2003 
Load Case, Span 
LC 1, 1 
LC 2, 1 
n value 
604 
996 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the smaller deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. From Eqn. 1, 
distribution factors were calculated for load cases 1 and 2, 
and are illustrated in Fig. 25 along with those calculated 
using guidelines found in [ 1 ]and [2]. From Fig. 25 it is 
clear that the equations in [ 1 ] and [2] used to calculate 
distribution factors are generally conservative. The 
distribution factor for the exterior girders become more 
accurate when the load is placed 2 ft from the curb, as in 
load case 1, the distance typically used for calculation of the 
distribution factors in the design specifications. 
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Figure 25. Experimental and codified distribution 
factors, Span 1. 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 8 lists the maximum 
differential deflections between adjacent girders. For the 
Wittson Bridge, differential girder deflections varied with 
the largest occurring when the bridge was loaded 
eccentrically. For the concentric loading, the differential 
girder deflections were all under 0.10 in. 
The significance of these differential deflections is unknown 
because [1] and [2] specify no criteria for limiting 
differential deflection between adjacent girders. The lack of 
longitudinal cracking in the asphalt wearing surface on Span 
1 suggests that differential girder deflections are not visibly 
affecting the condition of the wearing surface. However, the 
presence of longitudinal cracking on Span 3 suggests that 
differential deflection of the girders on the longer span may 
be a significant factor. The largest differential deflection 
occurred between the two exterior girders, for the concentric 
load position. In addition, the most significant longitudinal 
cracking occurred between the exterior two girders. 
Table S. Maximum differential girder deflections. 
Max. Differential Girder 
Deflection (in.) Year 
Load Case, 
Span 
2003 1, 1 0.269 
2003 2, 1 0.081 
2003 Deck Deflection Behavior 
In terms of deck panel deflections, the deflection 
performance of the Wittson Bridge varied. Panel deflection 
relative to the girders was only calculated at one location. 
The maximum calculated relative panel deflection at that 
location was 0.004 in. and is significantly less than the 0.1 
in. limit. 
In addition to panel deflection relative to the girders, 
differential panel deflections are believed to be important to 
the preservation of the wearing surface and other structural 
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component as well. Illustrated in Figs. 26 and 27 are 
differential panel deflections at one location on Span 1 and 
Span 3, respectively. Differential panel deflections for both 
load cases, at all three panel locations, were less than 0.025 
in. Differential panel deflections measured in Span 3 were 
small, consistently less than 0.001 in. and independent of 
load position. Little to no transverse cracking was found in 
the wearing surface on Span 3, as would be expected given 
the relatively small differential panel deflections. The 0.1 
in. limit suggested by [ 11 ]for panel deflections relative to 
the girders may also be applied to differential panel 
deflection. Thus, comparing the calculated differential panel 
deflections with the 0.1 in. limit, the performance of the 
deck panels on the Wittson Bridge is well within limits. 
However, given the extent of the transverse cracking in the 
asphalt wearing surface on the three short spans, it would 
appear that differential panel deflections may be a factor 
regardless of the magnitude. 
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Figure 26. Differential panel deflection, span 1, P2. 
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Figure 27. Differential panel deflection, Span 3, bete een 
G2 and G3. 
It was mentioned earlier that the stair-step response of the 
girders was believed to be partially a result of the deflection 
behavior of the deck panels. The deflection of the deck 
panels did reveal some level of stair-stepping, however, not 
as significant as that in the girder deflections. This does not 
rule out the deck panels as a possible cause, but indicates 
that there may be other factors influencing the deflection of 
the girders and panels. 
Discussion 
Comparing the maximum girder deflections on Span 1 from 
1995 to those measured in 2003, there is approximately a 4 
percent increase in deflection for load case 2. This relatively 
small increase may be attributed to several factors: variances 
in load truck axle configurations, the exact placement of the 
load truck transversely on the bridge for that particular load 
case, changes in support conditions, as well as other factors. 
For Span 3, the maximum measured midspan deflection in 
1995 was —0.985 in. with the load virtually evenly 
distributed to all four girders. 
Comparing the values of n in Tables 4 and 7 with the 
deflection criteria listed in Table 3, the bridge is within 
current design specifications. The larger values of n 
calculated from the experimental data are a result of 
relatively small deflections. These small deflections are 
most likely the result of one or a combination of the factors 
discussed previously in the Girder Deflection Behavior 
sections. 
Figures 28 through 30 illustrate the displacement of all 
girders versus load truck position for load cases 1 through 3 
for Span 1 and for load case 2 for Span 3. From these 
figures, there appears to be little change in the overall 
deflection behavior of the bridge over time due to the 
applied loads for Span 1, and the deflection patterns are 
generally what one would expect for the given load truck 
positions. The stair-step deflection pattern evident in Figs. 
28 through 32 is believed to be partially the result of the 
deflection behavior of the deck panels. This pattern is more 
evident in Span 3 than Span 1. 
Over time, the deck panels may swell due to changing 
moisture content. This, coupled with compression due to the 
deflection of the bridge may generate friction between the 
panels. As the bridge deflects, this friction is constantly 
built up and released, possibly resulting in a stair-step 
deflection of not only the panels but also the attached 
girders. Panel deflections for Span 1 revealed a small 
amount of this stair-step behavior and might possibly be a 
factor in the deflection response of the girders. Differential 
panel deflections for Span 3 were so small that this behavior 
was difficult to distinguish. However, differential panel 
deflections could only be measured at a couple locations on 
Span 3, therefore, other panels in the span may be producing 
this type of behavior. Based on the data, the exact source of 
the stair-step behavior is unknown. 
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Figure 28. Girder deflections versus truck position for 
load case 1, span 1 (2003). 
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Figure 29. Girder deflections versus truck position for 
load case 2, span 1 (2003). 
Figure 30. Girder deflections versus truck position for 
load case 2, span 1 (199.5). 
Figure 31. Girder deflections versus truck position for 
load case 3, span 1 (1995). 
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Figure 32. Girder deflections versus truck position for 
load case 2, span 3 (1995). 
In addition to global girder and global panel deflections, 
differential girder and panel deflections may be important to 
the long-term performance and durability of the bridge. For 
the Wittson Bridge, differential girder deflections for span 1 
varied with the largest, approximately 0.27 in., occurring 
when the bridge was loaded eccentrically. For load case 2, 
the differential girder deflections remained relatively 
unchanged from 1995 to 2003, and were all under 0.10 in. 
Current design specifications do not give criteria limiting 
differential girder deflections. In addition, the lack of 
longitudinal cracking in the asphalt wearing surface on Span 
1 suggests that differential girder deflections are not visibly 
affecting the condition of the wearing surface on that span. 
However, longitudinal cracks present on Span 3 suggest that 
differential deflection of the girders on the longer span, 
although less than those on the short span, may be a 
significant factor. The largest differential deflections 
occurred between the two exterior girders, which matches 
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the location of the most significant longitudinal cracking on 
Span 3. 
Panel deflections relative to the girders were significantly 
less than the recommended limit of 0.1 in. suggested by [13] 
in both 1995 and 2003. Differential panel deflections were 
significantly larger in 1995 compared to 2003. Maximum 
differential panel deflections from 1995 were approximately 
0.11 in., whereas for 2003 all differential panel deflections 
were generally less than 0.001 in. The significance of the 
calculated differential panel deflections varies compared to 
the recommended 0.1 in. limit. The relationship between 
differential panel deflections and transverse cracking of the 
wearing surface is difficult to determine given the small 
deflections measured in 2003. Looking at the 1995 data, 
however, it appears there may be a connection between the 
two. This is supported by the level of cracking in the 
wearing surface and the magnitude of the differential panel 
deflections in span 1 compared to span 3. Span 1, as well as 
the other two short spans, had significant transverse cracking 
in the wearing surface and large differential panel 
deflections; whereas span 3 had little to now transverse 
cracking and small differential panel deflections. 
Referring back to Fig. 15, there is nothing obvious in the 
data that indicates why transverse cracking diminishes over 
the piers. One possible explanation may be evident in Fig. 
33, which illustrates the deflection of the girders for the 
passage of the load truck across the full length of the bridge. 
Reverse bending is evident in Span 1 as the load truck passes 
across the adjacent span, Span 2. This suggests that there is 
continuity in the girder connection at the piers. The result 
may be a reversal in stresses in the asphalt at midspan, from 
compressive to tensile, due to reverse bending. Over the 
piers, the asphalt experiences little stress reversal at all due 
to the rotational continuity from one girder to another across 
the pier. 
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Figure 33. Midspan girder deflections, span 1 2003. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. Structurally, the bridge was found to be in good 
condition with no noticeable signs of deterioration to the 
girders, abutments, or piers. At several locations, girder 
bearing plates had become displaced and in some locations 
were almost completely out of position. The glued-
laminated deck panels were in good condition and panel 
joints were relatively tight. 
Both transverse and longitudinal cracking was evident in the 
asphalt wearing surface. Significant transverse cracks were 
found over spans 1, 2 and 4 and were found to coincide with 
the location of the deck panel joints. In addition, the 
transverse cracks terminated approximately 10 ft before and 
after each pier, but extended all the way to the abutments. 
The most significant longitudinal cracking was found on 
Span 3, located just outside of the interior two girders. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Two load cases were 
investigated for this bridge. In addition, data from previous 
tests done by [6] and [9] were reviewed to develop atime-
history deflection performance for the structure. 
The performance of the bridge under static loading was 
found to be within current design specification 
recommendations for both the 1995 and 2003 tests. 
Maximum midspan deflection values for the girders were 
found to be less than 1.0 in. for all load cases. In addition, 
no significant increase or decrease in deflection was evident 
from 1995 to 2003. Also evident in the deflection of the 
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girders and. panels, although more significantly in the 
girders, was astair-step response. This behavior is believed 
to be partially the result of friction build-up and release 
between the deck panels, possibly due to swelling and 
compression of the panels due to bending. However, the 
exact source of the behavior is unknown. 
The deflection performance of the deck panels varied from 
location to location and was typically less than 
approximately 0.1 in. on Span 1; differential panel 
deflections measured on Span 3 were negligible. The fact 
that there are transverse cracks on Span 1 and not on Span 3 
and that there are measurable differential panel deflections 
on Span 1 and not Span 3 suggests there is a relationship 
between the two. Reverse bending of the girders was found 
to occur when the load passed over the pier and onto the 
adjacent span. This is believed to be one factor preventing 
the formation of transverse cracking in the areas over the 
piers. 
Given the location of the longitudinal cracks on Span 3, the 
cracks may be a result of differential girder deflections. In 
1995, all differential girder deflections were less than 
approximately 0.15 in., which is nearly half of the maximum 
differential deflection calculated from measure deflections in 
2003 of approximately 0.27 in. Differential girder deflection 
is believed to be one factor affecting the longitudinal 
cracking in Span 3, however the exact cause is unknown. 
In conclusion, from the results obtained from the testing and 
analysis of the Wittson Bridge it was found that the overall 
bridge performance under static live loading is adequate and 
within current design specification limitations. Over the 
course of 8 years, the deflection performance of the bridge 
showed variable change, although no changes in deflection 
behavior or load distribution were evident. The exact cause 
of the transverse cracking in the asphalt wearing surface is 
unknown, but is believed to be affected by differential panel 
deflections and stress reversal induced in the wearing 
surface due to continuity over the piers. 
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Appendix A 
General 
Name: Wittson Bridge 
Location: 
State: Alabama 
County: Tuscalloosa 
Highway: Co. Rd 1028 
Feature Crossed: Tributary of Little 
Chatahospee 
Date Constructed: reconstructed in 1993 
Owner: Tuscalloosa County 
Date Tested: May, 2003 
Testing Organization/Crew: ISU; TW, BP, DW 
Bride Composition 
Information Sheet 
Design Configuration 
Structure Type: Longitudinal Glued-Laminated 
Girder Bridge 
Total Length (out-out): 232 ft — 0 in. 
Skew: 0 
Number of Spans: 4 
Span Lengths) (c-c bearings): 50 ft, 50 ft, 102 ft, 
30 ft 
Width (out-out): 16 ft 
Width (curb-curb): 16 ft 
Number of Traffic Lanes: 1 
Design Loading: HS20-44 
Material Grade /Species Size S mbol y 
Preservative 
Treatment 
Girders Glued- 
laminated 
So. Yellow 
Pine 
8.75" x 31.5" N/A Pentochlorophenol 
Deck Panels Glued- 
laminated 
So. Yellow 
Pine 
5.125" x 4' N/A Pentochlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Solid Timber N/A 3" x 16" N/A Pentochlorophenol 
Abutments Treated 
Timber 
N/A N/A Pentochlorophenol 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: 3 in. Asphalt 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century made these the 
more frequently used materials for bridge construction. In 
addition, the lack of research into timber bridge design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon arbitrary limits 
and total deflection, not on actual structural behavior. 
Hence, a project was initiated by the Forest Products 
Laboratory to evaluate live load deflection criteria for timber 
bridges. Specifically, the influence of differential deflection 
on wearing surface performance is of significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found in a study completed in 
1996 that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service has to do with the 
wearing surfac. Various types of wearing surfaces are used 
on timber bridges including longitudinal timber planks, 
asphalt, a combination of the longitudinal planks and asphalt 
and concrete. The performance of these various wearing 
surfaces has been found to vary from one bridge to another. 
This suggests that the performance of the structure, or one of 
its components, may be directly affecting performance of the 
wearing surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased over the years. 
Hence, there has arisen an excellent opportunity to test and, 
in soiree cases, retest a number of these bridges to assess 
their performance. The results from these tests will not only 
increase our understanding of the bridge's performance 
characteristics, but also provide valuable information 
pertaining to possible modes of deterioration and the 
creation of future design specifications and standards. 
This report is the sixth in a series aimed at collecting, 
analyzing, developing and distributing information on the 
correlation between timber bridge deflection criteria and the 
wearing surface and overall bridge performance. This report 
documents the Russellville Bridge including testing 
procedures and performance of the bridge under static 
loading. The Russellville Bridge is a two-lane, four-span 
continuous, longitudinal glued-laminated girder bridge with 
four equal spans measuring 42 ft - 9 in. center-to-center of 
bearing. (See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units 
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot` 
pound (lb) 
lb/in' (stress) 
lb/ft`' (weight} 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m~) 
Newton (N) 
Pascal (Pa) 
kilogram/meter' (k 
Objective and Scope 
/m`) 
The objective of this research was to study the relationship 
between live load deflection and bridge condition and to 
make recommendations for live load deflection criteria. The 
project scope included data collection and analysis under 
static truck loading and its effect on the wearing surface and 
overall bridge performance. The results of the project will 
be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated girder bridges built and 
renovated in the future. 
Background 
Figure 1 shows a photograph of Alabama and the location of 
the Russellville Bridge included in this report as well as 
three other bridges tested in the area and included in three 
companion reports. In 1995, work conducted by Iowa State 
University studied the dynamic behavior of glued-laminated 
timber girder bridges. [6] This work involved the testing of 
three timber girder bridges in Alabama. The static 
information and condition evaluations obtained from that 
work along with the static testing and condition evaluation 
completed in 2003 are the basis for the work described 
herein. 
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The Russellville Bridge is located in east central Franklin 
County. Elevation and end view photographs of the bridge 
are shown in Fig. 2. The bridge is located southeast of the 
town of Russellville on County Road 63 and crosses Mud 
Creek. This particular roadway is not an arterial route and 
has an average daily truck traffic (AADT) of approximately 
300. 
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Figure 1. Location of bridges tested in Alabama. 
a. Elevation 
,-, 
b. End view, looking South. 
Figure 2. Russellville Bridge, Franklin Co., Al. 
Bridge Description 
The Russellville Bridge is a two-lane, four span, glued-
laminated girder bridge with four equal spans measuring 41 
ft — 9 in. center-to-center of supports. The south span was 
selected for testing due to the similarity of all spans and is 
illustrated in Fig. 3 in plan and profile views. The load-
tested span has a roadway width, measured between the 
guardrails, of 24 ft — 7 in., with zero degrees of skew. The 
length of the bridge, measured from center-to-center of 
supports, is 41 ft — 9 in. and the out to out deck width is 24 ft 
— 7 in. The supporting substructure consists of reinforced 
concrete (RC) and glued-laminated timber abutment 
backwalls, RC abutment caps supported on steel H-pile, and 
concrete piers. 
Spanning between the north abutment and the first pier are 
five 6.75 in. x 41.5 in. glued-laminated girders. The 42 ft —
5 in. long girders are supported on either end by a 10-in. 
steel bearing plate set on the RC abutment's 12 in. seat and 
half of the 3-ft wide pier cap. On both ends, steel angles and 
through bolts provide anchorage for the girders. The 
exterior girders on either side of the bridge are inset 27 in., 
measured from the outside edge of the deck to the centerline 
of the girder, and the center-to-center distance between 
successive girders is 60 in. Lateral support of the girders is 
provided near the abutments and at midspan by steel angle 
cross bracing. 
A glued-laminated timber panel deck spans transverse to the 
girders and consists of nominal 5 in. x 4 ft panels measuring 
24 ft — 7 in. in length. The 4 ft — 1 in. wide transverse, 
noninterconnected, glued-laminated panels are set tightly 
against one another and are attached to the girders with ring 
shank spikes. The wearing surface for this bridge consists of 
a 2.5-in. layer of asphalt, as seen in Fig. 4a. No curbs are 
present on the Russellville Bridge. The guardrails consist of 
solid timber posts and steel rails, as shown in Fig. 4b. 
Support for the guardrail is provided by bolts into the deck 
panels as well as steel bracing and bolts between the exterior 
girder and the bottom of the guardrail post. 
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Ĉ
C 
~-- 2'-3" —I 5' r 5' 5' 
b. Profile. 
Figure 3. Plan and profile drawings of the Russellville Bridge. 
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a. Asphalt wearing surface. 
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Figure 4. Russell~~ille Bridge ~~earing surface and 
gurardrail attachment. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may also 
loosen bolts or fittings and cause further damage to other 
parts of the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and stabilized on the ground. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 6 for the 2003 testing 
and illustrated in Fig. 7 are the transducer locations for the 
1995 testing. The first row of transducers, located 2 ft — 11 
in. from the south abutment, consisted of transducers 
positioned on the underside of the deck panels near their 
edges only, for measurement of differential panel deflection. 
The second row, located along the transverse centerline of 
the bridge, consisted of transducers on the underside of the 
girders as well as on either side of a deck panel joint 
immediately south of centerline for measurement of 
differential deflection of the panels. The instrument layout 
for the 1995 testing included instruments as described above, 
as well as, instruments at the center of the panels adjacent to 
the location of the other panel transducers. 
Figure 5. Tt pical transducer set-up for testing. 
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Transducer locations for Russellville Bridge (1995). 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by Franklin County. 
Figures 8 and 9 illustrate the load truck dimensions and axle 
weights used for testing in 2003 and 1995, respectively. The 
total weight of the 2003 truck was 64,0601bs, with front and 
rear axle weights of 13,9201bs, 25,070 lbs., and 25,070 lbs. 
The rear wheelbase for the load truck was 6 ft, the rear axle 
spacing was 4 ft from center-to-center, and from the forward 
most rear axle to the front axle was 14 ft - 9 in. The total 
weight of the 1995 truck was 62,800 lbs, with front and rear 
axle weights of 11,500 lbs, 25,650 lbs, and 25,650 lbs. The 
rear wheelbase for the load truck was 6 ft, the rear axle 
spacing was 4 ft —Sin. from center-to-center, and from the 
forward most rear axle to the front axle was 12 ft — 1 in. 
Selection of truck position for the four load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The load cases for both the 2003 and 
1995 testing are illustrated in Fig. 10. The load truck used 
for the most recent testing is shown in Fig. 1 1. For the first 
load case, the truck was driven north at crawl speed with the 
centerline of the left rear wheel line offset from the 
longitudinal centerline of the bridge 2 ft. The second load 
case involved the load truck driving north at crawl speed 
with the right wheel line offset from the curb 27 in. Load 
case 3 consisted of the load truck driving north at crawl 
speed with the left wheel line offset from the curb 27 in. 
The fourth load case involved the load truck driving north at 
~--~--t-1'-4" 
Bearing 
Abut. 
crawl speed with the left wheel line offset 1 ft — 6 in. from 
the longitudinal centerline of the bridge. The fifth load case 
involved the load truck driving north at crawl speed with the 
truck offset 2 ft — 6 in. from the longitudinal centerline of the 
bridge. The sixth and final load case involved the load truck 
driving north at crawl speed centered on the bridge. 
25,070 lb. 25,070 lb. 
4 ►~ 14' — 9" 
13,920 lb. 
Figure 8. Vehicle configuration and axle loads (2003). 
25,650 lb. 25,650 lb. 11,500 lb. 
4' — 5" t' / 12' — 1"  ~ 
Figure 9. Vehicle configuration and axle loads (1995). 
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Figure 11. Test truck for Russellville Bridge. 
Condition Assessment 
Inspection reports from Franklin County dating back to 1995 
were obtained and reviewed for inclusion in this report. In 
addition, a condition evaluation was completed in May of 
2003 prior to testing. These assessments involved visual 
inspections and measurements as well as photographic 
documentation of the bridge condition. Specific items of 
interest included the condition of the wearing surface, deck, 
girders, and the overall condition of the structure. Little 
information was gathered from previous inspection reports 
regarding the condition of the bridge and its components. 
However, an extensive visual inspection was conducted in 
2003 and the findings are presented subsequently. 
Wearing Surface 
The asphalt wearing surface on the Russellville Bridge was 
found to show regular and pronounce signs of deterioration. 
Figure 12 illustrates the condition of the asphalt wearing 
surface in 2003. Transverse and longitudinal cracks were 
evident in the wearing surface along the full length of the 
bridge, the transverse cracks being the more severe of the 
two. The location of the most significant transverse 
cracking corresponded to the location of deck panel joints. 
Less severe transverse cracking was also found on the bridge 
in no regular pattern. The longitudinal cracking was more 
sporadic and irregular in pattern. 
At the south abutment, a significant transverse crack and 
bump were present as seen in Fig. 13. This was found to be 
a result of the cracking and displacement of the glued-
laminated timber backwall as illustrated in Fig. 14. There is 
a deck panel joint very near to the abutment requiring a 
small section of panel to complete the span. This small 
portion of deck panel was attached to the top of the 
backwall, and as the backwall displaced, the short section of 
deck panel displaced and rotated significantly as a result. 
1~8 
Figure 12. Transverse cracking pattern on bridge. 
Figure 13. Crack and bump at south abutment. 
Backwall 
Displacement ; 
n~ ..; 
Figure 14. Backwall displacement and resulting panel 
uplift. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge. No signs of distress or structural defects were noted 
and the panel joints were tight in most locations, yet easily 
noticeable. The displacement of the short section of deck 
panel at the south abutment was the only noted problem 
area. 
Girders 
Visual inspection of the glued-laminated girders revealed no 
signs of deterioration or defects and the girders were 
assessed to be in very good overall condition. The girder 
bearing and supports appeared to be in good condition with 
no signs of displacement or excessive rotations. Figures 15 
and 16 illustrate the attachment of the girders to the glued-
laminated backwall and abutment cap. 
Figure 15. Typical girder attachment to backwall. 
Figure 16. Typical girder-abutment attachment. 
1 ~9 
Overall Structure 
Structurally, the bridge was found to be in good condition 
for all condition evaluations. The abutments, piers, girders, 
and deck panels are all in good condition with no signs of 
deterioration. Overall, however, the bridge was determined 
to be in average condition due to the condition of the 
wearing surface. The asphalt wearing surface had 
significant transverse cracks across the width of the bridge 
on all spans in addition to minor longitudinal cracks. A 
significant crack and bump were also evident at the south 
abutment as a result of the displacement of the timber 
backwall. 
Resu Its 
Data Analysis 
The following presents the results of the static load testing of 
the Russellville Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
1995 Girder Deflection Behavior 
Comparing the total weights of the load truck from 1995 to 
2003, there is only a two percent difference. Therefore, 
deflections measured in 1995 were not adjusted and will be 
compared directly to those measured in 2003. Maximum 
measured girder deflections for the three load cases from 
1995 are listed in Table 2. Illustrated in Figs. 17 through 19 
are the time-history deflections of the girders for load cases 
4 through 6, respectively. From these figures, it is evident 
that the general deflection pattern is what would be expected 
for the given loading. However, close examination reveals a 
stair step deflection pattern is evident for most girders. The 
exact source of the behavior is unknown, but it is possible 
the deflection of the panels could be a factor. The deflection 
behavior of the panels and its relationship to the girder 
deflection is discussed subsequently. 
Table 2. Maximum girder deflections for span 1 - 1995. 
Midspan Deflection per Load Case (in.) 
4 5 6 Year 
1995 -0.383 -0.446 -0.318 
Figure 17. 
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Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form L/n, L being the 
clear span in inches. Listed in Table 3 are several deflection 
criteria found in current specifications. The values of n 
using the maximum measured deflections from load cases 4 
through 6, after normalization by total weight to the standard 
HS-20 truck, are listed in Table 4. 
Table 3. Deflection criteria. 
Source
Ref. [ 1 ] 
Ref. [2] 
Ref. [ 11 ] 
Deflection Criteria 
L/500 
L/425 
L/360 
Table 4. n values calculated from measured deflections. 
Year 
1995 
Load Case 
LC 4 
LC 5 
LC 6 
n value 
1081 
929 
1303 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the smaller deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. 
DF, _ 
O;
,~ 
-~ 
0; 
Where, 
DF, =distribution factor of the ith girder 
(lanes/girder). 
0; =deflection of the ith girder. 
~' ~; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. The distribution factors calculated for the 1995 
testing as well as those calculated using guidelines found in 
[ 1 ] and [2] are illustrated in Fig 20. From Fig. 20 it is clear 
that the equations in [ 1 ] and [2] used to calculate distribution 
factors are generally conservative. Use of the conservative 
distribution factors in the design specifications for the design 
of the girders may be one reason such small deflections were 
measured during load testing, in addition to other factors. 
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Figure 20. Experimental and codified distribution 
factors. 
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In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 5 lists the maximum 
differential deflections between adjacent girders for all three 
load cases. Differential girder deflections for the 
Russellville Bridge varied, -with the greatest being 
approximately 0.17 in. The significance of these differential 
deflections is unknown because [ 1 ] and [2] specify no 
criteria for limiting differential deflection between adjacent 
girders. In addition, documentation of the wearing surface 
condition in 1995 was not available to determine if these 
calculated differential girder deflections were significant or 
not. 
Table 5. Maximum differential girder deflections - 1995. .. 
Year Load Case Max. Differential Girder Deflection (in.) 
1995 4 0.160 
1995 5 0.168 
1995 6 0.126 
1995 Deck Deflection Behavior 
Deck panel deflections relative to the girders were typically 
less than 0.01 in., which is significantly less than the limit of 
0.1 in. recommended by [13]. [13] also suggests a further 
reduction in this limit in the presence of an asphalt wearing 
surface. 
In terms of deck panel deflections, the deflection 
performance of the Russellville Bridge varied depending on 
the position of the load. Differential panel deflections near 
the support were small and relatively unchanged from load 
case 4 to load case 5. On average, for load cases 4 and 5, the 
magnitude of the differential panel deflections was 
approximately 0.02 in. at midspan. Localized increases in 
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the differential panel deflections up to approximately 0.11 
in. were evident at midspan for both load cases when the 
rear axles crossed the panel joint. Load case 6 produced 
smaller differential deflections at point P1 and larger 
differential deflections at point P2, as would be expected due 
to the position of the load truck. For all load cases, 
differential deflection at point P3 was less than at P4, and 
the difference between the two increased the closer the load 
truck was placed toward the longitudinal centerline of the 
bridge. 
Maximum differential panel deflections for each panel 
location corresponding to all load cases are listed in Table 6. 
The largest differential panel deflections were calculated at 
point P4 for all load cases. Differential panel deflections at 
point P4 ranged from approximately 0.085 in. to more than 
0.2 in., with the largest measured when the load truck was 
centered on the bridge. Differential panel deflection at 
points P 1 through P3, for all load cases, were all under 
approximately 0.05 in. The 0.1 in. limit suggested by [13] 
for panel deflections relative to the girders may also be 
applied to differential panel deflection. While one panel is 
deflecting up to the 0.1 in. limit, an adjacent panel may not 
deflect at all. Thus, comparing the calculated differential 
panel deflections with the 0.1 in. limit, the performance of 
the deck panels on the Russellville Bridge is variable. 
Table 6. 
Load 
Case 
However, given the extent of the transverse cracking in the 
asphalt wearing surface evident in 2003, it is believed that 
these differential deflection levels may be a significant 
factor affecting the condition of the wearing surface. 
Figures 21 through 22 illustrate the deflection of several 
panel locations for the different load cases investigated. It 
was mentioned earlier that the stair step response evident in 
the girder deflections was believed to be partially a result of 
the deflection behavior of the deck panels. In general, the 
panel deflections do indicate some level of stair stepping, 
but not consistently from load case to load case. The panel 
locations near the support experienced the most consistent 
level of stair stepping, and at midspan, location P4 
experienced the greatest amount of stair stepping behavior. 
It is unclear from the collected data how significant of a role 
the deck panels are in the deflection behavior of the girders. 
Load case 5 exhibited the most significant stair stepping 
behavior in the deck panels. This is reflected in Figs. 17 
through 19, which illustrates the deflection of the girders for 
load case 4 through 6, respectively. Together, the two 
suggest that the deck panels may be partly responsible for 
the stair step deflection behavior evident in the girders. 
Exactly how significant a factor the deck panels are is 
unknown. 
Maximum differential panel deflections - 1995. 
Maximum Differential Deflection (in.) 
P1N-P1S P2N-P2S P3N-P3S P4N-P4S 
4 0.030 0.032 0.019 0.084 
5 0.026 0.036 0.013 0.109 
6 0.017 0.047 0.007 0.201 
1'~uck I'uaiau~:, rr„ 
Figure 21. Panel deflection, P2, load case 4. 
.. . =r; 
1'rt~e3: 3'ncii ift(t (ff} 
Figure 22. Panel deflection, P3, load case 6. 
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'rru;.k I'aixir3an rn~ 
Figure 23. Panel deflection, P3, load case 5. 
2003 Girder Deflection Behavior 
Maximum measured girder deflections for the four load 
cases from 2003 are listed in Table 7. Illustrated in Fig. 25 
are the time-history deflections of the girders for load cases 
1 through 4, respectively. From these figures, it is evident 
that the general deflection pattern is what would be expected 
for the given loading. However, close examination reveals a 
stair step deflection pattern is evident for most girders. The 
exact source of the behavior is unknown, but it is possible 
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Figure 24. Panel deflection, P4, load case 5. 
the deflection of the panels could be a factor. The deflection 
behavior of the panels and its relationship to the girder 
deflection is discussed subsequently. 
Table 7. 1~laaimum irder deflections fors an 1 - 2003. 
Midspan Deflection per Load Case (in.) 
1 2 3 4 
Year 
2003 -0.423 -0.567 -0.573 -0.383 
nu 
_. ~_~ .0 , 
------- _ _ -U
e 
~ y  __ u 
-'----'x-0.3 
"~~-04 
~~~ hr~,,~ 
-~' -^.f' -y. nm~kor 
Truck Position (fl.f -"'rtrrhtrryk -^""~Y
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c. Load case 3. d. Load case 4. 
Figure 25. Girder deflections versus truck position for the 2003 testing ot'the Russellville Bridge. 
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Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form L/n, L being the 
clear span in inches. Listed in Table 3 are several deflection 
criteria found in current specifications. The values of n 
using the maximum measured deflections from load cases 1 
through 4, after normalization by total weight to the standard 
HS-20 truck, are listed in Table 8. 
Table 8. n value_ s calculated from measured deflections. 
Year Load Case - 
_ _ 
~~ ~~ 
_ __ 
n value 
2003 
LC 1 
LC 2 
LC 3 
LC 4 
1000 
745 
738 
1103 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the smaller deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. From Eqn. 1, 
distribution factors were calculated for each load case. The 
distribution factors calculated for load cases 1 through 4 as 
well as those calculated using guidelines found in [ 1 ]and [2] 
are illustrated in Fig. 26. From Fig. 26 it is clear that the 
equations in [ 1 ] and [2] used to calculate distribution factors 
are conservative. 
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Figure 26. Experimental and codified distribution 
factors. 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 9 lists the maximum 
differential deflections between adjacent girders for all four 
load cases. Differential girder deflections were similar in 
magnitude only reverse in location when comparing load 
case 1 to 4 and 2 to 3. This is evident in Table 9. The 
significance of these differential deflections is unknown 
because [ 1 ]and [2] do not specify criteria for limiting 
differential deflection between adjacent girders. The lack of 
significant longitudinal cracking in the asphalt wearing 
surface suggests that differential girder deflections are not 
visibly affecting the condition of the wearing surface. 
However, minor longitudinal cracks were evident, which 
may or may not be due to the calculated differential girder 
deflections. 
Table 9. Maximum differential girder deflections - 2003. 
Max. Differential Girder 
Deflection (in.) 
1 0.136 
2 0.201 
3 0.199 
4 0.136 
Year 
2003 
Load Case 
2003 Deck Deflection Behavior 
Deck panel deflections relative to the girders were typically 
less than 0.07 in., which is less than the recommend limit of 
0.1 in. However, as previously mentioned, a further 
reduction in this limit is suggested in the presence of an 
asphalt wearing surface. Thus, the significance of these 
differential deflections is based on user judgment. 
In terms of differential panel deflections, the deflection 
performance of the Russellville Bridge varied depending on 
the position of the load. Maximum differential panel 
deflections for each panel location corresponding to all load 
cases are listed in Table 10. In general, all calculated 
differential panel deflections were relatively small. The 
largest calculated differential panel deflections, 
approximately 0.025 in., correspond to load cases 1 and 4 
and are generally consistent at all locations indicated in Fig. 
6. 
As before, the 0.1 in. limit suggested by [ 13] for panel 
deflections relative to the girders may also be applied to 
differential panel deflection. Comparing the calculated 
differential panel deflections with the 0.1 in. limit, the 
performance of the deck panels on the Russellville Bridge is 
adequate. However, given the extent of the transverse 
cracking in the asphalt wearing surface, it would appear that 
these differential deflections may be a significant factor. 
164 
Table 10 
~~~ ~~Load~~ 
Case 
Maximum differential~anel deflections - 2003. ,p,.~- -------- - -- - --a-.d._....._ . . ~~,-~.~,......, 
Maximum Differential Deflection (in.) 
P2N-P2S P3N-P3S P4N-P4S P1N-P1S 
1 0.020 0.022 0.013 0.019 
2 0.009 0.011 0.007 0.014 
3 0.001 0.004 0.002 0.002 
4 0.026 0.019 0.015 0.020 
Figures 27 through 30 illustrate the panel deflections at P4 
for the four load cases. This location experienced the most 
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Figure 27. Panel deflection, P4, load case 1. 
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Figure 29. Panel deflection, P4, load case 3. 
significant level of stair stepping and, in general, is 
representative of the other panel joint locations for this 
testing. It was mentioned earlier that the stair step response 
of the girder deflections was believed to be partially a result 
of the deflection behavior of the deck panels. A small 
amount of stair stepping is evident in the figures; however, 
its significance with regard to the girder deflections is likely 
negligible at best given that comparably less stair stepping 
was evident all other panel joint locations. 
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Figure 28. Panel deflection, P4, load case 2. 
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Figure 30. Panel deflection, P4, load case 4. 
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Discussion 
The general deflection pattern of the girders showed no sign 
of change from 1995 to 2003. However, looking more 
closely, there appears to be a more prominent stair step 
deflection response in the 1995 test data than in the 2003 
data. Based on the deflection performance of the panels 
from 1995 to 2003, the behavior of the deck panels may be 
one factor affecting the deflection pattern seen in the girders. 
Like the girders, a stair step response was evident in the 
panel deflections, and appeared to become less evident over 
time. 
Initially, it was believed that the build up and release of 
friction between the deck panels was the source of the stair 
step behavior in the panel deflections, which subsequently 
resulted in a stair step response in the girder deflections. 
However, the stair step behavior diminished over time, as 
did the differential panel deflections. One possible 
explanation for this is that the friction believed to be 
responsible for the stair stepping in the first place, may have 
become so significant that differential panel deflection has 
become nearly impossible. 
Moisture readings were taken for the deck panels at several 
locations and the results may provide some explanation for 
the possible increase in friction between the panels. Near a 
panel joint, moisture readings were measured as 25 percent 
and in some cases greater than 30 percent. In contrast, 
moisture readings near the center of the panels were 
generally on the order of 12 percent. This large increase in 
moisture content near the panel joints is likely due to the 
ingress of water through the cracks in the asphalt wearing 
surface. The increase in moisture content subsequently leads 
to the expansion of the deck panels, resulting in a tighter 
joint and increased friction between adjacent panels. 
If the n values listed in Table 4 from the 1995 testing are 
compared with those listed in Table 8 from the 2003 testing, 
the deflection performance of the bridge is approximately 
unchanged. For both tests, the n values computed from 
measured deflections were greater than those specified in the 
current design specifications. Thus, the deflection 
performance of the Russellville Bridge was within current 
design specifications for both tests completed on the 
structure. 
Figure 31 illustrates the distribution factors for load case 4 
from both the 1995 and 2003 tests as well as those from [ 1 ] 
and [2]. It is evident from Fig. 30 that the deflection 
performance of the bridge, for that load case, is relatively 
unchanged from the 1995 to the 2003 tests. Comparing the 
experimental distribution factors to those calculated based 
on the current design specifications, it is evident the codified 
distribution factors are conservative. 
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In addition to global girder and global panel deflections, 
differential girder and panel deflections may be important to 
the long-term performance and durability of the bridge. 
Differential girder deflections measured in 2003 were 
typically less than or equal to approximately 0.20 in. This is 
a slight increase over the approximate maximum differential 
girder deflection of 0.17 in. measured in 1995. No 
limitations are provided in the current design specifications 
for these types of deflections. 
Differential panel deflections were typically smaller than 
approximately 0.025 in. in 2003 at all locations. In 1995, 
differential panel deflections were typically less than 0.05 
in., except for location P4, where the differential panel 
deflections ranged from 0.08 in. to approximately 0.2 in. 
The performance of the panels in terms of differential panel 
deflections varies when the calculated values are compared 
to the suggest limit of 0.1 in. This, along with the condition 
of the wearing surface, suggests that these differential 
deflections may indeed be significant. 
In 1995, there was no significant cracking found in the 
asphalt wearing surface because the bridge was relatively 
new. However, from 1995 to 2003 the condition of the 
wearing surface experienced serious deterioration. In 
addition, as stated above, the magnitude of the differential 
deflections decreased significantly from 1995 to 2003. 
Transverse cracking corresponding to the location of the 
deck panel joints and other minor transverse and 
longitudinal cracking were evident in 2003. This suggests 
that differential panel deflections, regardless of magnitude, 
have an effect on the condition of the wearing surface for 
this bridge. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and static live load testing of the bridge. For the first 
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phase, inspection reports were collected from previously 
performed inspections for review and comparison with 
results from the inspection conducted concurrent with 
testing. Structurally, the bridge was found to be in good 
condition with no noticeable signs of deterioration to the 
girders, abutments, or piers. The glued-laminated deck 
panels were in good condition and panel joints were 
relatively tight. 
A large transverse crack and bump were evident at the south 
abutment resulting from the cracking of the abutment 
backwall and the subsequent rotation of a short section of 
deck panel at that location. In addition, this displacement 
may have been amplified by the expansion of the deck 
panels due to increases in moisture content. Both transverse 
and longitudinal cracking was evident in the asphalt wearing 
surface. Significant transverse cracking was found 
corresponding to the locations of the deck panel joints and 
minor transverse cracking was evident on most of the bridge. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Four load cases were 
investigated for this bridge. In addition, data from previous 
testing were utilized to develop atime-history deflection 
performance for the structure. 
The performance of the bridge under static loading was 
found to be within. current design specification 
recommendations for both the 1995 and 2003 tests. 
Maximum midspan deflection values for the girders were 
found to be less than 0.6 in. for a111oad cases. In addition, 
no significant increase or decrease in deflection was evident 
in similar load cases from 1995 to 2003. Also evident in the 
deflection of the girders and panels was a stair step response. 
This behavior is believed to be partially the result of friction 
build-up and release between the deck panels, possibly due 
to swelling and compression of the panels. From 1995 to 
2003 this behavior has diminished significantly, to the point 
that it is almost not evident it the deflection diagrams. One 
possible explanation for this is that the friction initially 
believed to cause the stair step behavior, might have become 
so .large that. differential deflection between the panels has 
become nearly impossible. This is supported by the very 
small differential panel. deflections calculated in 2003 
compared to 1995. However, the exact source of the 
behavior is unknown. 
The live load deflection performance of the glued-laminated 
deck panels varied from 1995 to 2003, as well as from 
location to location. Maximum differential panel deflections 
from 1995 were less than approximately U.2 in, whereas, in 
2003 the maximum differential deflections were all less than 
approximately U.02 in. Note that these smaller deflections 
were measured with a slightly heavier load truck than was 
used in 1995. It is believed that, like the stair step behavior, 
the decrease in the differential panel deflections is the result 
of friction between the panels. This increase in friction may 
be the result of swelling of the deck panels, compression of 
the panels due to deflection of the bridge, as well as other 
factors. 
In conclusion, from the results obtained from the testing and 
analysis of the Russellville Bridge it was found that the 
overall bridge performance under static live loading is 
adequate and within current design specification limitations. 
Over the course of S years, the deflection performance of the 
bridge showed variable change in terms of girder 
deflections. Significant change was observed in the 
calculated differential panel deflections from the 1995 to 
2003 tests; differential panel deflections decreased nearly 
0.18 in. from 1995 to 2003. Based on the limits 
recommended for differential panel deflections, these 
deflections are believed to be one factor causing the 
transverse cracking of the asphalt wearing surface, but the 
exact cause is unknown. 
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Appendix A 
General 
Name: Russellville Bridge 
Location: 
State: Alabama 
County: Franklin 
Highway: County Road 63 
Feature Crossed: Mud Creek 
Date Constructed: 1994 
Owner: Franklin County 
Date Tested: May, 2003 
Testing Crew/Organization: TW, BP, DW; ISU 
Bride Composition 
Information Sheet 
Design Configuration 
Structure Type: Longitudinal Glued-Laminated Girder 
Bridge 
Total Length (out-out): 169'-0" 
Skew: 0 
Number of Spans: 4 
Span Lengths) (c-c bearings): 41'-9" 
Width (out-out): 24' — 6" 
Width (curb-curb): 24' — 6" 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade /Species Size S mbol y 
Preservative 
Treatment 
Girders Glued-laminated Unavail 6.75" x 41.5" Unavail Creosote 
Deck Panels Glued-laminated Unavail 5.125" x 4' Unavail Creosote 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Steel Angles N/A 3" x 16" N/A N/A 
Abutments Concrete/Glulam N/A N/A N/A N/A 
Piers Reinforced 
Concrete 
N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angle and through bolts. 
Wearing Surface Type: 2.5 in. Asphalt 
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Abstract 
The Chambers Co. Bridge located in east central Alabama 
was reconstructed in 1994. The current structure is a 
longitudinal glued-laminated timber girder bridge with a 
53-ft length and a 28 ft — 5 in. width. This two-lane bridge 
consists of six glued-laminated girders, a 5-in. thick 
transverse glued-laminated deck and an asphalt wearing 
surface. The performance of this bridge under static loading 
is the focus of this report. Testing involved the collection of 
deflection data under controlled loading, as well as 
comprehensive visual inspections conducted to assess the 
overall bridge condition. The combination of the live load 
deflection data and general condition of the bridge were used 
to relate deterioration of the wearing surface and 
superstructure due to traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient. 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the seventh in a series aimed at collecting, 
analyzing, developing and distributing information on the 
correlation between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Chambers Co. Bridge including testing 
procedures and performance of the bridge under static 
loading. The Chambers Co. Bridge is a two-lane, simple-
span, longitudinal glued-laminated girder bridge spanning 
51 ft — 6 in. from center-to-center of supports. (See Table 1 
for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units 
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot'` 
pound (lb) 
lb/in2 (stress) 
lb/ft` (weight) 
25.4 
0.3048 
O.U9 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram/meter' (k 
Objective and Scope 
/m~) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others evaluated 
in this series will be used to formulate recommendations for 
design specifications related to deflection criteria to be used 
on similar longitudinal glued-laminated girder bridges. 
Background 
Figure 1 shows Alabama and the location of the Chambers 
Co. Bridge included in this report as well as the other three 
bridges tested in the area and included in three companion 
reports. The Chambers Co. Bridge is located in southwest 
Chambers County, Alabama. Elevation and end view 
photographs of the bridge are shown in Fig. 2. 
In 2001, Anil Kurian completed his master's work at Iowa 
State University, which included research on, `Finite 
Element Analysis of Longitudinal Glued-laminated Timber 
Deck and Glued-laminated Timber Girder Bridges.' [9] His 
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research involved the testing of four glued-laminated girder 
bridges (Cow Gulch Bridge, MT; Hibbard Creek Bridge, 
MT; Wittson Bridge-span 3, AL; Chambers Co. Bridge, 
AL). Kurian's work entailed outfitting each bridge with 
deflection measurement equipment, loading each bridge and 
gathering static deflection information to be compared with 
results from an analytical model of the bridge. 
In addition, Jan Dlabola conducted his master's work at 
Iowa State University studying the dynamic behavior of 
glued-laminated timber girder bridges. His work involved 
the dynamic testing of four timber girder bridges in 
Alabama. [6] The static information and condition 
evaluations obtained from Kurian and Dlabola's work along 
with the static testing and condition evaluation done recently 
for this project will provide invaluable information regarding 
the time-history performance of the bridge, any increase or 
decrease in deflection, as well as any possible deflection 
induced deterioration of the bridge over time. 
~: 
Tuscaloosa 
Bridle ~_ 
~! 
1Y:.inr 
Chambers Co. Bria~e ... _ ~:>. 
.. Y~" ~~~...AI  .fie 
.._,~~;~,~< r 
S. y .. .~.... 
Ul:Llt:~' 
Figure 1. Location of bridges tested in Alabama. 
a. Elevation 
b. End view 
Figure 2. Chambers Co. Bridge, Chambers Co., Al. 
Bridge Description 
The Chambers Co. Bridge is a two-lane, simple-span 
longitudinal glued-laminated girder bridge with a span of 
51 ft — 6 in. measured from center-to-center of supports, as 
illustrated in Fig 3. The bridge has a roadway width, 
measured between the curbs, of 27 ft, and zero degrees of 
skew. The out-to-out length of the bridge, measured from 
the inside edge of each abutment backwall, is 53 ft and the 
out-to-out deck width is 28 ft — 5 in. The supporting 
substructure consists of reinforced concrete (RC) abutment 
backwalls, caps, and wing walls. The RC abutment caps are 
supported on steel H-pile. 
Spanning between the RC abutments are six 8.75 in. x 43 in. 
glued-laminated girders. The 53-ft long girders are 
supported on either end by a 12-in. neoprene pad set on the 
RC abutments 18 in. seats. At both abutments, steel angles 
and through bolts provide anchorage for the girders to the 
abutments. The exterior girders on either side of the bridge 
are inset 21 in., measured from the outside edge of the deck 
to the centerline of the girder, and the center-to-center 
distance between successive girders is 60 in. Lateral support 
of the girders is provided near the abutments and at mid-
span by steel angle cross bracing. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nominal 5 in. x 4 ft panels measuring 28 ft —
5 in. in length. The 4-ft wide transverse, noninterconnected, 
glued-laminated panels are set tightly against one another 
and are attached to the girders with ring shank spikes. The 
wearing surface for this bridge consists of a 3-in. layer of 
asphalt, as seen in Fig. 4a. No curbs are present on the 
Chambers Co. Bridge. The guardrails are composed of solid 
timber posts and steel rails, as shown in Fig. 4b. Support for 
the guardrail is provided by bolts into the deck panels as 
well as steel bracing and bolts between the exterior girder 
and the bottom of the post extending below the deck. 
174 
53' 
51'-6" 
~ ---Bearing 1'-6"- —Bearing 
' 
j 
!~
' 
~ ~ 
i 
~ 
~ 
i ~ 
{ 
\ 
~~ ~ 
~ 
~ ~t~- 
(-- 
i 
j 
~ 
_ 
~ 
` 
\ 
_  
~ 
- - 
\~ 
- - - 
-- -- 
- - I I~- 
; 
i i 
~ 
I 
ill 
~~  ~, ~~ 
~~ ,; 
~; 
~ 
I 
~~ 
; 
I 
I 
~ 
i, 
~ 
~ 
'I 
~ \ 
28, 
~ t 1~ 
`~~ 
~ 
1 
i I --~ 
~ r I - t
~ ' 
~~ 
( /, 
~ 
~ 
t 74 ~ 
, 
~ 
' 
~ 
, 
~ 
i Iy~ (~ ,' j ~ 
~ ~ 
~ 
-
~1 i 
'' 
; 
~
~ 
r *--~-- 
t 
-~ f'~j~ 
~ ~ ~ ~ 
Abutment 
~, Asphalt Wearing ~~4'-1 " Deck 
Surface Panels 
~~, Steel Angle 
Diaphragm 
a. Plan 
Timber post/ 
—I; /steel guardrail 
~ 3" Asphalt 
~ Wearing Surface 
5-1/8" 
Deck Panels 
28'_6" 
Girders 
N ~----
j I 
Steel Angle 
Diaphragm Abutment 
6" 
~ Steel Diaphragms 
8-3/4"x43" 
Girders 
--~ 
\/ 
/\ 
5' 5, - —.~--- 5, 
G2 G3 G4 
b. Profile -Looking North 
Figure 3. Plan and profile drawings. 
5' ~  5' -- 1'-9" 
GS G6 
i~~ 
a. Asphalt wearing surface. 
b. Guardrail. 
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Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and the instrumentation layout used for the previous testing 
of this bridge. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and elevated above the river/stream 
using tripods. 
Inspection underneath the bridge revealed that the eyehooks 
used for testing in 1995 were still in place. Therefore, new 
eyehooks were installed were needed and used in addition to 
those still in place. The locations of the transducers and the 
truck position for each load case are illustrated in Fig. 6 for 
the 2003 testing and illustrated in Fig. 7 are the transducer 
locations for the 1995 testing. The first row of transducers, 
located 3 ft — 3 in. from the south abutment, consisted of 
transducers positioned on the underside of the deck panels 
only, for measurement of differential panel deflection. The 
second row, located along the transverse center line of the 
bridge, consisted of transducers on the underside of the 
girders as well as on either side of a deck panel joint 1 ft —
6 in. north of center line for measurement of differential 
deflection of the panels. 
Figure 5. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by Chambers County. 
Figures 8 and 9 show the load truck dimensions and axle 
weights used for testing in 2003 and 1995, respectively. The 
total weight of the 2003 truck was 65,7601bs, with front and 
rear axle weights of 16,1801bs, 24,7901bs, and 24,7901bs. 
The total weight of the 1995 truck was 63,8801bs, with front 
and rear axle weights of 14,2801bs, 24,8001bs, and 24,800 
lbs. The rear wheelbase for the 2003 load truck was 6 ft, the 
rear axle spacing was 4 ft — 2 in. from center-to-center, and 
from the forward most rear axle to the front axle was 15 ft -
9 in. The rear wheelbase for the 1995 load truck was 6 ft, 
the rear axle spacing was 4 ft —Sin. from center-to-center, 
and from the forward most rear axle to the front axle was 15 
ft — 0 in. 
Selection of truck position for the five load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The five load cases are illustrated in 
Fig. 10. The load truck used for the most recent testing is 
shown in Fig. 11. For the first load case, the truck was 
driven north at crawl speed with the centerline of the left 
rear wheel line offset from the longitudinal centerline of the 
bridge 2 ft. The second load case involved the load truck 
driving north at crawl speed with the right wheel line offset 
from the curb 27 in. Load case 3 consisted of the load truck 
driving north at crawl speed with the left wheel line offset 
from the curb 27 in. The fourth load case involved the load 
truck driving north at crawl speed with the right wheel line 
centered between girders G 1 and G2. The fifth and final 
load case involved the load truck driving north at crawl 
speed with the left wheel line centered on the bridge. 
24,7901b. 24,790 lb. 
J 
16.180 lb. 
4'— 2" 15' — 9" 
Figure 8. Vehicle configuration and axle loads (2003). 
24,800 lb. 24,800 lb. 
-1'— 5" 15' — p„ 
14,280 lb. 
Figure 9. Vehicle configuration and axle loads (1995). 
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Condition Assessment 
Condition assessments for the Chambers Co. Bridge were 
done on several separate occasions; however, only three 
were available for review and inclusion in this report. The 
first and second were completed in July of 2000 and 2002 by 
Chambers County. The third condition evaluation was 
completed in October of 2002 prior to testing. These 
assessments involved visual inspections and measurements 
as well as photographic documentation of the bridge 
condition on the final condition assessment. In addition, 
photographs from the previous tests were reviewed and 
compared with those taken during the most recent testing 
described herein. Specific items of interest included the 
condition of the wearing surface, deck, girders, and the 
overall condition of the structure. 
Wearing Surface 
Information from the inspection report completed in 2000 by 
Chambers County indicates that the asphalt wearing surface 
was in moderate condition (7 on a scale from 0 to 10). In the 
two years that past since the next inspection, the condition of 
the wearing surface diminished slightly, dropping to a rating 
of six. The final inspection, conducted prior to testing, 
found severe deterioration in the asphalt wearing surface. 
Figures 12 and 13 show the condition of the asphalt wearing 
surface in 2000 and 2003, respectively. It is evident in Fig. 
13 that the asphalt was uneven, resulting in the formation of 
large puddles of water during rainfall, and there were 
potholes as large as 6 — 8 in. in diameter exposing the timber 
deck panels. These potholes result in moderate to severe 
ingress of water through nearby panel joints. In addition, 
transverse cracking in the asphalt was evident over the full 
length of the bridge. 
Figure 12. Asphalt wearing surface in 2000. 
a. Potholes in asphalt wearing surface. 
b. Water ponding and cracking of asphalt. 
Figure 13. Asphalt wearing surface in 2003. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
satisfactory condition for all inspections completed on this 
bridge. No signs of distress or structural defects were noted 
aside from some discoloration along the panel joints where 
they had been exposed to excessive amounts of moisture due 
to the potholes in the wearing surface. Panel joints were still 
tight in most locations, yet easily noticeable. 
Girders 
Visual inspection of the glued-laminated girders by 
Chambers County revealed no signs of deterioration or 
defects. Similarly, visual inspection and probing of the 
girders at the time of testing found no problem areas and that 
the girders were in very good overall condition. The girder 
bearings and supports looked to be in good condition with 
no signs of excessive movement, rotation, or defects. 
1K1 
Overall Structure 
Structurally, the bridge was found to be in good condition 
for all condition evaluations. The foundations and bearing 
seats were all in very good to excellent condition with no 
significant defects or signs of deterioration. Overall, 
however, the bridge was determined to be in average 
condition due to the condition of the wearing surface. The 
asphalt wearing surface and asphalt approaches were in poor 
condition with large areas of asphalt missing in the approach 
sections, as seen in Figs. 14 and 15. In addition, noticeable 
transverse cracking and potholes were found in the asphalt 
on the bridge. The presence of the transverse cracks and 
potholes in the asphalt has led to moderate, and in some 
locations extreme, exposure of the deck panels to moisture. 
Figure 14. South asphalt approach patched v`ith crushed 
rock. 
Fil;ure 15. ~iorth asphalt approach section. 
Results 
Data Analysis 
The following presents the results of the static load testing of 
the Chambers Co. Bridge for both the 1995 and 2003 testing. 
The behavior of the bridge was evaluated by reviewing 
relative differential deflections, total deflections, and 
comparing experimental values with empirical values 
calculated using classic beam theory and code equations. 
1995 Girder Deflection Behavior 
Maximum measured girder deflections for the two load 
cases investigated in 1995 are listed in Table 2. Illustrated 
in Figs. 16 and 17 are the time-history deflections of the 
girders for the two load cases. From these figures, it is 
evident that the general deflection pattern for each load case 
is what would be expected. However, a close examination 
reveals astair-step deflection behavior is evident for most 
girders. The exact source of this behavior is unknown, but it 
is possible that the behavior of the panels could be a factor. 
The deflection behavior of the panels and its relationship to 
the girder deflections is discussed subsequently. 
Table 2. Maximum Girder Deflections. 
Maximum Deflection per Load Case 
1 2   3 4 
1995 
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Figure 16. Girder deflections versus truck position for 
load case 4 (1995). 
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Figure 17. Girder deflections versus truck position for 
load case 5 (1995). 
Deflection checks for bridges are commonly completed 
using deflection criteria typically of the form L/n, L being 
the clear span in inches. Listed in Table 3 are several 
deflection criteria found in current specifications. The 
values of n using the maximum measured deflections from 
load cases 4 and 5, after normalization to the standard HS-20 
truck, are listed in Table 4. 
Table 3. Deflection criteria. 
Source 
Ref. [1] 
Ref. [2] 
Ref. [11] 
Deflection Criteria 
L/500 
L/425 
L/360 
Table 4. n values calculated from measured detections. 
Year Load Case n value 
1995 
LC 4 
LC 5 
816 
984 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. Investigation of the 
stiffness added to the structure by the deck panels and the 
level of girder end restraint are discussed in the following 
sections. However, the exact cause for the smaller 
deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. 
0• 
DF; _ ` n 
~l 
[=1 
Where, 
DF; =distribution factor of the ith girder 
(lanes/girder). 
0; =deflection of the ith girder. 
~; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. The distribution factors calculated for load cases 
4 and 5, as well as those calculated using guidelines found in 
[1] and [2] are illustrated in Fig. 18. From Fig. 18 it is clear 
that the equations in [ 1 ]and [2] used to calculate distribution 
factors are conservative. 
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-~ _; 
t.lrArr ~~~~esbrr 
Figure 18. Experimental and coditied distribution 
factors for the 1995 testing. 
To investigate the level of end restraint present in the 
structure, the bridge behavior was modeled using the 
distribution factors calculated from the experimental data 
along with classic beam theory. The distribution factors 
were used to distribute a percentage of the truck point loads 
laterally to each girder. Classic beam theory was then used 
to predict the deflections of each girder under these loads. 
Figure 19 illustrates the experimental and analytical results 
for midspan deflection of girder G2 for load cases 4 and 5. 
The behavior of girder G2 is typical of all girders for both 
load cases and is therefore the only one presented. Two sets 
of analytical data are shown in Fig. 19, a "pinned-pinned" 
condition and a "fixed-fixed" condition. The "pinned-
pinned" condition assumes the ends of the girders are simply 
supported and the "fixed-fixed" condition assumes both ends 
of the girder are fixed against translation and rotation. A 
sensitivity analysis was also completed to evaluate the effect 
of modeling the wheel loads as patch loads rather than point 
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loads to account for any longitudinal distribution of load that 
may be taking place. The use of patch loads of reasonable 
size, instead of point loads, had little effect on the results. 
From Fig. 19 it can be seen that the behavior of girder G2 
lies between the "pinned-pinned" and "fixed-fixed" 
conditions. The figure indicates that the bridge exhibits 
some degree of rotational restraint at the supports, but that 
the support is more pinned than fixed. This may provide 
some explanation for the larger value of n calculated from 
the experimental data compared to that specified in the 
deflection criterion. It is believed this additional rotational 
end restraint may be the result of translational restraint at the 
deck level, which causes a rotational couple. 
-~;: 
'1[tEtli 1'€YS'd11fE11 €tE; 
a. Girder G2, load case 4. 
Trttcfi Fr_~;iil~n ltr) 
b. Girder G2, load case 5. 
Figure 19. Experimental and analytical model results, 
1995. 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Illustrated in Figs. 20 and 21 
are the maximum differential girder deflections for both load 
cases at all locations. For both load cases, the maximum 
differential girder deflection was approximately 0.2 in. It is 
evident that, when the load truck is shifted from an eccentric 
to a concentric position the location of the maximum 
differential girder deflections shifts from the interior of the 
bridge to the exterior of the bridge. [ 1 ] and [2] specify no 
criteria for limiting differential deflection between adjacent 
girders. In addition, the condition of the wearing surface at 
the time of testing suggested that the magnitude of these 
differential deflections was not significantly affecting the 
performance of the wearing surface. 
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Figure 20. Maximum differential girder deflections, load 
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Figure 21. Maximum differential girder deflections, load 
case 5 1995. 
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1995 Deck Deflection Behavior 
The Chambers Co. Bridge demonstrated similar levels of 
performance in terms of global panel deflection. Panel 
deflections relative to the girders were found to typically be 
less than 0.1 in., which is the limit recommended by [ 13] for 
this type of deflection. 
In addition to global panel deflection, differential panel 
deflection is equally important to the performance of the 
structure and wearing surface in particular. Maximum 
differential panel deflections for both load cases are listed in 
Table 5. Differential panel deflections near the wheel loads 
were the greatest and those furthest from the wheel loads 
were the least, as would be expected. 
Table 5. Maximum differential panel deflections. 
Load 
Case 
Max. Differential 
Panel Deflection 
(in.) 
Location 
4 
5 
0.080 
0.026 
(P3S-P3N) 
(P3S-P3N) 
Figures 22 and 23 illustrate the time-history deflections of 
the two panel joint locations. It is evident from the figures 
that local increases in deflection occur when the load is 
centered between the girders and pass over the panel joints, 
as in load case 4. The 0.1 in. limit suggested by [ 11 ]for 
panel deflections relative to the girders may also be applied 
to differential panel deflection. While one panel is 
deflecting up to the 0.1 in. limit, an adjacent panel may not 
deflect at all. Thus, comparing the calculated differential 
panel deflections with the 0.1 in. limit, the performance of 
the deck panels on the Chambers Co. Bridge is adequate. 
However, a further reduction of this limit is suggested by 
[13] in the presence of an asphalt wearing surface, which 
might reduce the adequacy of the calculated differential 
panel deflections. 
At the time of testing no transverse cracking was evident in 
the wearing surface suggesting that these differential 
deflections were not of any significance. Previously, it was 
mentioned that the deflection behavior of the panels might 
be affecting the deflection of the girders. Figures 22 and 23 
illustrate some level of a stair-step response; however, its 
significance on the girder deflections is unknown. 
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2003 Girder Deflection Behavior 
Maximum measured girder deflections for all five load cases 
are listed in Table 6. Illustrated in Figs. 24 through 28 are 
the time-history deflections of the girders for all five load 
cases. From these figures, it is seen that the general 
deflection pattern for each load case is as would be expected. 
However, a close examination reveals astair-step deflection 
behavior is evident for most girders. The exact source of 
this behavior is unknown, but it is possible that the behavior 
of the panels could be a factor. The deflection behavior of 
the panels and its relationship to the girder deflections is 
discussed subsequently. 
Table 6. Maximum girder deflections. 
Maximum Deflection per Load Case (in.) Year 
2003 
1 2 3 4 5 
0.578 0.778 0.828 0.678 0.566 
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Deflection checks for bridges are commonly completed 
using deflection criteria typically of the form L/n, L being 
the clear span in inches. Listed in Table 3 are several 
deflection criteria found in current specifications. The 
values of n using the maximum measured deflections from 
load cases 1 through 5, after normalization to the standard 
HS-20 truck, are listed in Table 7. 
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Figure 24. Girder deflection, load case 1 2003. 
~ -~ 
Truck Position (ft.) '~ 
-0.i 
-D z 
Table 7. n values calculated from measured deflections. 
Year Load Case n value 
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The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the smaller deflections is unknown. 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
from Eqn. 1 using the physical test data. From Eqn. 1, 
distribution factors were calculated for each load case. The 
distribution factors calculated for load cases 1 through 5 as 
well as those calculated using guidelines found in [ 1 ] and [2] 
are illustrated in Fig. 29. From Fig. 29 it is clear that the 
equations in [ 1 ] and [2] used to calculate distribution factors 
are conservative. 
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Figure 29. Experimental and codified distribution 
factors. 
The level of girder end restraint was investigated using 
similar procedures as those in the 1995 data. Figures 30 
through 32 illustrate the experimental and analytical results 
for midspan deflection of girder G2 for load case 1, 4 and 5, 
respectively. The behavior of girder G2 is typical of all 
girders for all load cases tested in 2003 and is therefore the 
only one presented. As with the 1995 data, two sets of 
analytical data, Pinned-Pinned and Fixed-Fixed, are shown 
in Figs. 30 through 32 along with the experimental data. 
From Figs. 30 and 32 it can be seen that the behavior of 
girder G2 lies between the "pinned-pinned" and "fixed-
fixed" conditions. The figures indicate that the bridge 
exhibits some degree of rotational restraint at the supports, 
but that the support is more pinned than fixed. This provides 
some explanation for the larger value of n calculated from 
the experimental data compared to that specified in the 
deflection criterion. It is believed this additional rotational 
end restraint may be the result of translational restraint at the 
deck level, which causes a rotational couple. 
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Figure 30. Experimental and analytical model results, 
G2 load case 1 2003. 
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In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 8 lists the maximum 
differential deflections between adjacent girders. For the 
Chambers Co. Bridge differential girder deflection varied 
between 0.01 in. and approximately 0.25 in. From Table 8, 
it is evident that the maximum differential girder deflection, 
was consistent for all load tests. [ 1 ] and [2] specify no 
criteria for limiting differential deflection between adjacent 
girders. In addition, the condition of the wearing surface at 
the time of testing suggested that the magnitude of these 
differential deflections was not significantly affecting the 
performance of the wearing surface. 
Table 8. Maximum differential girder deflections. 
Load Max. Differential 
Case Girder Deflection (in.) Location 
1 
2 
3 
4 
5 
0.212 
0.221 
0.240 
0.241 
0.213 
G3-G4 
G3-G4 
G2-G3 
G3-G4 
G2-G 1 
2003 Deck Deflection Behavior 
The deflection performance of the deck panels relative to the 
girders was found to be unchanged from 1995. Panel 
deflections relative to the girders were typically less than the 
0.1 in. recommended by [13] for this type of deflection. 
In addition to global panel deflection, differential panel 
deflection is equally important to the performance of the 
structure and wearing surface in particular. Maximum 
differential panel deflections for all load cases are listed in 
Table 9. Differential panel deflections near the wheel loads 
were the greatest and those furthest from the wheel loads 
were the least, as would be expected. The deflections range 
up to approximately 0.06 in. for this testing. 
Table 9. Maximum differential panel deflections.
Max. Differential 
Panel Deflection (in.) 
Load 
Case 
1 
2 
3 
4 
0.032 
0.031 
0.015 
0.050 
0.054 
Location 
P2S-P2N 
P1S-P1N 
P4S-P4N 
P1S-P1N 
P2 S-P2N 
Figures 33 and 34 illustrate the time-history deflections of 
the two panel joint locations and the differential panel 
deflections for load cases 4 and 5, which are representative 
of the other three load cases (due to transducer malfunction, 
the deflection at P3N is not shown for 2003). It is evident 
from the figures that local increases in deflection occur when 
the load is centered between the girders, as in load case 4. 
As mentioned previously, the 0.1 in. limit suggested by [ 11 ] 
for panel deflections relative to the girders may also be 
applied to differential panel deflection. Comparing the 
calculated differential panel deflections with the 0.1 in. limit, 
the performance of the deck panels on the Chambers Co. 
Bridge is adequate. However, at the time of testing, 
transverse cracking was evident in the asphalt wearing 
surface suggesting that these differential deflections were 
possibly of some significance. Significant transverse 
cracking was evident and corresponded to the location of the 
panel joints, in addition to other minor, more sporadic 
transverse cracking, as seen in Fig. 14. 
Previously, it was mentioned that the deflection behavior of 
the panels might be affecting the deflection of the girders. 
Figures 33 and 34 illustrate that the same stair-step behavior 
that was seen in the deflection of the girders in Figs. 24 
through 28 is evident in the panel deflections as well. This 
behavior is possibly due to friction build-up and release 
between the panels resulting in the up and down deflection 
of the panels. This behavior is more prominent near 
midspan and away from the point of load application where 
the panels are under the most compression and, with no load 
directly over that location, are able to shift relative to each 
other more freely. It is suspected that the deflection 
behavior of the girders is at least partly the result of the 
deflection response of the panels; however, the exact cause 
is unknown. 
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Discussion 
The general deflection pattern of the girders showed no sign 
of change from 1995 to 2003. However, looking more 
closely, there appears to be more of a stair-step deflection 
response in the 2003 test data than in the 1995 data, 
especially in load case 4. Based on the deflection 
performance of the panels from 1995 to 2003, the behavior 
of the deck panels may be one factor affecting the deflection 
pattern seen in the girders. Like the girders, astair-step 
response was evident in the panel deflections, and appeared 
to become more evident over time. This behavior may be 
due to friction between the panels caused by swelling of the 
panels over time and/or compression due to the deflection of 
the structure. Each time the friction between the panels is 
overcome, the panels slip causing one panel to deflect 
upwards slightly relative to the other. This slipping of the 
panels is believed to be one source of the stair-step behavior 
seen in the deflection of the deck panels and girders. 
If the n values listed in Table 4 from the 1995 testing are 
compared with those listed in Table 8 from the 2003 testing, 
the deflection performance of the bridge is approximately 
unchanged. For both tests, the n values computed from 
measured deflections were greater than those specified in the 
current design specifications. Thus, the deflection 
performance of the Chambers Co. Bridge was within current 
design specifications for both tests completed on the 
structure. 
Figure 35 illustrates the distribution factors for load cases 4 
and 5 from both the 1995 and 2003 tests as well as those 
from [1] and [2]. From Fig. 35 it is evident that the 
deflection performance of the bridge is approximately 
unchanged from the 1995 to the 2003 tests, as stated above. 
Comparing the experimental distribution factors to those 
calculated based on the current design specifications the 
codified distribution factors are conservative by nearly a 
factor of two for these tests results. 
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factors. 
Some level of rotational girder end restraint was found in all 
the girders for both load tests. This additional rotational 
restraint is believed to be the result of translational restraint 
at the deck level, which causes a rotational couple. This, 
along with several other factors may contribute to the 
smaller deflections and n values calculated from the 
experimental data, compared to the codified equations. 
In addition to global girder and global panel deflections, 
differential girder and panel deflections may be important to 
the long-term performance and durability of the bridge. 
Differential girder deflections measured in 2003 were 
typically less than or equal to approximately 0.25 in. This is 
a slight increase over the approximate maximum differential 
girder deflection of 0.2 in. measured in 1995. In addition, 
the general differential girder deflection distribution 
transversely across the bridge was relatively unchanged from 
test to test for the respective load cases. Panel deflections 
relative to the girders calculated in 1995 as well as in 2003 
were less than the 0.1 in. limit recommended by [13]. 
Differential panel deflections decreased from approximately 
0.08 in. in 1995 to approximately 0.06 in. in 2003 and were 
both within the recommended limit of 0.1 in. 
Based on the condition of the wearing surface, the 
differential panel deflections are believed to be a significant 
factor. In 1995, there was no significant cracking found in 
the asphalt wearing surface. This means one of two things: 
the differential deflections were not a significant factor, or 
the differential deflections were significant and the wearing 
surface was not exposed to them long enough. There was 
only a small change in the magnitude of the differential 
deflections from 1995 to 2003; however, the condition of the 
wearing surface experienced serious deterioration over the 
course of those 8 years. Transverse cracking corresponding 
to the location of the deck panel joints, other minor 
transverse cracking, small potholes in the asphalt, and minor 
longitudinal cracks were all evident in 2003. Thus, it is 
believed that the asphalt wearing surface had not been 
exposed to the differential deflection long enough to induce 
significant cracking at the time of the first testing in 1995. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. Structurally, the bridge was found to be in good 
condition with no noticeable signs of deterioration to the 
girders, abutments, or abutment seats. The glued-laminated 
deck panels were in good condition and panel joints were 
relatively tight, yet there were areas of obvious moisture 
ingress. The ingress of moisture was due to the large holes 
and transverse cracks found in the asphalt wearing surface. 
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The transverse cracks were found in the asphalt across the 
entire bridge and the most significant cracks correspond to 
the location of the deck panel joints. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Five load cases were 
investigated for this bridge. In addition, data from previous 
tests done by [6] and [9] were reviewed to develop atime-
history deflection performance for the structure. 
The performance of the bridge under static loading was 
found to be within current design specification 
recommendations for both the 2003 and 1995 tests. Similar 
levels of performance were found with the deck panels on 
the Chambers Co. Bridge. Differential deflection of the 
glued-laminated deck panels was minimal for both tests; 
maximum differential deflections of 0.08 in. were observed 
during testing. The only change from 1995 to 2003 in the 
deflection behavior of the panels was the magnification of 
the stair-step behavior evident in the most recent test data. 
In conclusion, from the results obtained from the testing and 
analysis of the Chambers Co. Bridge it was found that the 
overall bridge performance under static live loading is 
adequate and within specified limits. Over the course of 8 
years, the deflection performance of the bridge shows little 
change. No changes in deflection magnitude or load 
distribution were evident, although differences in the 
deflection pattern of both the girders and panels were 
evident. The exact cause of the transverse cracking in the 
asphalt wearing surface is unknown, but believed to be 
effected by differential panel deflections and the behavior of 
the panels in general, based on the pattern of cracking. 
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Appendix A 
General 
Name: Chambers Co. Bridge 
Location: 
State: Alabama 
County: Chambers 
Highway: Co. Rd 1028 
Feature Crossed: Tributary of Little Chatahospee 
Date Constructed: reconstructed in 1994 
Owner: Chambers County 
Date Tested: May, 2003 
Testing Organization/Crew: ISU; TW, BP, DW 
Bride Composition 
Information Sheet 
Design Configuration 
Structure Type: Longitudinal Glued-Laminated Girder 
Bridge 
Total Length (out-out): 53 ft 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearings): 51 ft — 6 in. 
Width (out-out): 28 ft — 6 in. 
Width (curb-curb): 28 ft 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade /Species Size S mbol y 
Preservative 
Treatment 
Girders Glued- 
laminated 
So. Yellow 
Pine 
8.75" x 43" N/A Pentochlorophenol 
Deck Panels Glued- 
laminated 
So. Yellow 
Pine 
5.125" x 4' N/A Pentochlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Steel Angles N/A Approx. 30" 
deep 
N/A Pentochlorophenol 
Abutments Reinforced 
Concrete 
N/A N/A N/A Pentochlorophenol 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: 3 in. Asphalt 
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The Butler County Bridge is located in south central Page 
Alabama and was constructed. in 1992. The current structure 
is a longitudinal glued-laminated timber girder bridge with Introduction 3 
an 84-ft length and a 24 ft — 7 in. width. This two-lane, two-
span bridge consists of five glued-laminated girders, a Objective and Scope 3 
nominal 5-in. thick transverse glued-laminated deck and an 
asphalt wearing surface. The performance of this bridge Background 3 
under static loading is the focus of this report. Testing 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20t'' century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the eighth in a series aimed at collecting, 
analyzing, developing and distributing information on the 
correlation between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Butler Co. Bridge including testing 
procedures and performance of the bridge under static 
loading. The Butler Co. Bridge is a two-lane, two-span, 
longitudinal glued-laminated girder bridge with spans of 24 
ft and 60 ft from center-to-center of supports starting at the 
west abutment and proceeding east. (See Table 1 for metric 
conversion factors.} 
Table 1 —Factors for converting English units of 
measurement to Sl units 
Conversion 
Factor 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
English 
inch (in.) 
foot (ft) 
foot'` 
pound (lb) 
lb/in'` (stress) 
lb/ft~ (weight) 
SI Unit 
millimeter (mm) 
meter (m) 
square meter (m~) 
Newton (N) 
Pascal (Pa) 
kilogram/meter' (k 
Objective and Scope 
/m`) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated girder bridges. 
Background 
Several bridges in Alabama that satisfied the overall needs 
of the project were identified and selected for testing. Figure 
1 shows the location of the Butler Co. Bridge included in 
this report as well as three bridges tested in the area and 
included in three companion reports. The Butler Co. Bridge 
is located in south central Alabama in Butler County. 
Elevation and end view photographs of the bridge are shown 
in Figs. 2 and 3, respectively. The bridge is located on 
County Road 16 near Georgiana and was constructed in 
1992. 
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Figure 1. Location of bridges tested in Alabama. 
Figure 2. Elevation view, Butler Co. Bridge. 
Figure 3. End view, Butler Co. Bridge. 
Bridge Description 
The Butler Co. Bridge is a two-lane, two-span, longitudinal 
glued-laminated girder bridge with spans of 24 ft and 60 ft 
measured from center-to-center of supports. The shorter 
west span was selected for testing and is discussed herein. 
Figure 4 illustrates the test span in plan and profile views. 
The bridge has a roadway width, measured between the 
guardrails, of 24 ft — 7 in., and zero degrees of skew. The 
out-to-out length of the bridge, measured from center-to-
center of each abutment backwall, is 84 ft and the out-to-out 
deck width is 24 ft — 7 in. The supporting substructure 
consists of reinforced concrete (RC) abutment backwalls, 
RC caps supported on steel H-piles, RC wing walls and a 
timber backwall. The pier consists of a RC cap supported on 
steel H-piles. 
Spanning between the west RC abutment and the pier are 
five 5 in. x 27.5 in. glued-laminated girders. The girders are 
simply supported and bearing is provided by steel bearing 
plates set on the abutment and pier caps. Figures 5 and 6 
illustrate the connection of the girder to the abutment and 
pier. To accommodate the larger girders required for the 
adjacent span, the short span girders were "blocked up" with 
sections of timber. Large steel brackets were then used to 
provide anchorage of the girders to the abutment and pier. 
The exterior girder on the north side of the bridge is inset 2 
ft — 11 in., and the exterior girder on the south side of the 
bridge is inset 1 ft — 8 in., both measured from the outside 
edge of the deck to the centerline of the girder. The center-
to-center distance between successive girders is 60 in. 
Lateral support of the girders is provided approximately 12 
ft — 5 in. from the centerline of the pier by steel angle cross 
bracing. 
A glued-laminated panel deck spans transverse to the girders 
and consists of nominal 5 in. x 4 ft panels measuring 24 ft —
7 in. in length. The 4-ft wide transverse, noninterconnected, 
glued-laminated panels are attached to the girders with ring 
shank spikes. The wearing surface for this bridge consists of 
a 3-in. layer of asphalt, as seen in Fig. 7a. No curbs are 
present on the Butler Co. Bridge. The guardrails are 
composed of solid timber posts and steel rails, as shown in 
Fig. 7b. Support for the guardrail is provided by bolts into 
the deck panels as well as steel bracing and bolts between 
the exterior girder and the bottom of the post extending 
below the deck. 
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Figure 4. Plan and profile drawings of the Butler Co. Bridge. 
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.. 
Figure 5. Cirder anchorage at west abutment. 
;; ,;
. 
Figure 6. Cirder anchorage at pier. 
a. Asphalt wearing surface. 
b. Guardrail. 
Figure 7. Butler Co. Bridge wearing surface and 
guardrail. 
Evaluation Methodology 
Girder and deck deflections were recorded at critical 
locations with the use of an Optim Megadac data acquisition 
system (DAS), a Dell laptop computer running TCS 
software for communication with the Megadac, and 
ratiometric displacement transducers. 
Using the global deflection data collected, differential 
deflections were calculated. A large differential deflection 
between adjacent deck panel edges has been known to cause 
cracking or other damage to the wearing surface, allowing 
moisture ingress through the wearing surface to the deck and 
possibly the exposed girders underneath. Large differential 
deflections between adjacent girders or panels may loosen 
bolts or fittings and cause further damage to other parts of 
the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 8. With instrument locations 
determined, eyehooks were installed on the underside of the 
girders and deck. Transducers were positioned directly 
under the eyehooks and connected via non-stretch piano 
wire and s-hooks. The transducers were attached to a length 
of 2 x 12 in. lumber and stabilized on the ground. 
Measurement of differential deflection of the deck panels 
required that the location of panel joints be located. Once 
panel joints were located, two cross-sections of the bridge 
were instrumented. The locations of the transducers and the 
truck position for each load case are illustrated in Fig. 9. 
The first row of transducers, located 3 ft — 4 in. from the 
west abutment, consisted of transducers positioned on the 
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underside of the deck panels for panel deflection 
measurement. The second row was located approximately 
10 ft — 5 in. from the west abutment, along the panel joint 
nearest to the midspan of the bridge span. This line 
consisted of transducers under the girders as well as under a 
2 
1' 
deck panel joint. Due to the close proximity of the 
diaphragms to the panel joint, the deck panel transducers had 
to be installed several inches away from the panel joint. 
Figure 8. T~~pical transducer set-up for testing. 
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Figure 9. Transducer locations for the Butler Co. Bridge. 
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Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Butler County 
Highway Department. Figure 10 shows the load truck 
dimensions and axle weights used for testing. The total 
weight of the load truck was 61,3001bs, with front and rear 
axle weights of 18,5801bs, 21,3601bs, and 21,360 lbs. The 
rear wheelbase for the load truck was 6 ft, the rear axle 
spacing was 4 ft — 4 in. from center-to-center, and from the 
forward most rear axle to the front axle was 15 ft — 8 in. 
Selection of truck position for the three load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The load truck used for testing the 
Butler Co. Bridge is shown in Fig. 11. The three load cases 
investigated are illustrated in Fig. 12. The first load case 
involved the truck driving east at crawl speed with the left 
wheel line offset 2 ft from the curb. The second load case 
involved the truck driving east at crawl speed with the right 
wheel line offset from the curb 2 ft — 3 in. The final load 
case involved the load truck driving east at crawl speed with 
the left wheel line offset from the curb 2 ft — 3 in. 
21,360 lb. 21,360 lb. 
Co> 
15'— 8" 
18,580 lb. 
Figure 10. Vehicle configuration and agile loads. 
Figure 11. Test truck for Butler Co. Bridge. 
6' 
Gl 
--- 2'-11 " ~ 
G2 ~ G3 
4 Spaces @ 5' = 20' 
Load Case 
~~' ~~ f~ 
1'-8" 
6'—~; 2 -3"~ 
~I 
w 
GI G'_ 1 G3 ~i4 
--- 2'-11"~ 4 Spaces 5' = 20' @ 
Load Case 2 
2,_3.,r 6' —. 
~~~ 
~z 
—_'-1 1 " — - _ - - - --4 Spaces @ 5' = 20'—
Load Case 3 
Figure 12. Transverse load position. Vehicles travel 
east, into the page. 
~iS 
~ 1'_g" 
Condition Assessment 
Inspection reports from Butler County were obtained and 
reviewed for inclusion in this investigation. In addition, a 
condition evaluation was completed in May of 2003 prior to 
testing. These assessments involved visual inspections and 
measurements as well as photographic documentation of the 
bridge condition. Specific items of interest included the 
condition of the wearing surface, deck, girders, and the 
overall condition of the structure. 
Wearing Surface 
Inspection reports from 2001 and 2003 obtained from 
Butler County rates the condition of the asphalt wearing 
surface as a 6 out of 10 on the national bridge inventory 
scale. Remarks on the inspection reports indicate that cracks 
were present at each deck panel joint over the entire span. 
Visual inspection completed immediately before load testing 
verified these remarks. Significant, and often very severe, 
transverse cracking was found at each deck panel joint. 
Figure 13 illustrates the severity of the transverse cracking. 
At each joint, the asphalt has been cracked, creating a gap as 
much as 2.0 in. wide. A membrane under the asphalt was 
evident at some of the crack locations, but had apparently 
deteriorated at others. 
?O1 
a. Transverse cracks revealing two lifts of asphalt. 
b. Transverse cracking. 
c. Transverse cracks near deck edge. 
Figure 13. Transverse cracking on Butler Co. Bridge. 
Deck Panels 
The glued-laminated deck panels were observed to be in 
poor condition. Structurally, the deck was rated as an 8 on 
the Butler Co. inspection reports. However, close inspection 
at the time of testing revealed significant problems with the 
deck panels. Figures 14 and 15 illustrate the connection 
between the deck panels and the girders and the gap between 
adjacent panels, respectively. It is evident from Fig. 14 that 
cupping of the deck panels, concave upward, has resulted in 
gaps between the panels and the girders at the edges of each 
panel. This cupping also results in the gap between adjacent 
panels illustrated in Fig. 15. At the locations where the 
membrane between the asphalt wearing surface and the deck 
panels has been deteriorated, crack sealant and moisture 
ingress were evident between the deck panels. Moisture 
readings taken at the time of testing found no significant 
difference in moisture content from the center of the deck 
panels to the edge of the deck panels. 
Figure 14. Cupping of deck panels. 
Figure 15. Gap between adjacent deck panels. 
~~~ 
Girders 
Visual inspection of the glued-laminated girders completed 
by Butler County revealed no signs of deterioration or 
defects. Similarly, visual inspection and probing of the 
girders at the time of testing found no problem areas and that 
the girders were generally in very good overall condition. 
The girder bearing and supports looked to be in good 
condition. 
Overall Structure 
Structurally, the bridge was found to be in good condition 
for all condition evaluations. The abutments, pier, and 
girders are all in good condition with no signs of 
deterioration. In terms of serviceability, the bridge is in poor 
condition due to the condition of the deck panels and 
wearing surface. The deck panels are significantly cupped, 
concave upward and severe transverse cracking was evident 
across the full length of the bridge corresponding to the 
location of the deck panel joints. These cracks have allowed 
ingress of moisture and debris between the deck panels to 
the girders beneath. 
Results and Discussion 
Data Analysis 
The following presents the results of the static load testing of 
the Butler Co. Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using classic beam theory and 
code equations. 
Girder Deflection Behavior 
Maximum measured girder deflections for the three load 
cases are listed in Table 2. In addition, illustrated in Figs. 16 
through 18 are the time-history deflections of the girders for 
all three load cases. In general, the bridge deflects as would 
be expected, that being the largest girder deflections were 
measured near the wheel lines. In addition, the girders begin 
to deflect as the front axle enters the span, and then plateau 
until the truck is at approximately 22 ft when all three axles 
are on the span. At this point, the girders begin to deflect 
parabolically until the load truck is off the span. Throughout 
the entire passage of the load truck, an up and down stair 
step deflection response is evident in all girders. This is 
believed to be the result of the uncontrollable, unsteady 
motion of the load truck across the bridge. 
Table 2. Maximum girder deflections. 
Midspan Deflection per Load Case (in.) 
i ~  z 
-0.292 -0.414 -0.417 
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Figure 16. Girder deflections for load case 1. 
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Deflection checks for bridges are commonly evaluated based 
on deflection criteria typically of the form Lln, L being the 
clear span in inches. Listed in Table 3 are several deflection 
criteria found in current specifications. The values of n 
using the maximum measured deflections from all three load 
cases, after normalization by total weight to the standard 
HS-20 truck, are listed in Table 4. 
The performance of the bridge is within current deflection 
criteria limitations when the values of n computed from the 
measured deflections are compared with the deflection 
criteria in Table 3. The difference between the specified 
deflection criteria and those calculated from the 
experimental n values may be attributed to several factors. 
First, the girders may have initially been over designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. Second, the glued-laminated deck 
panels may provide added stiffness to the overall structural 
stiffness of the bridge. Third, it is possible that some 
amount of rotational end restraint at the girder ends may 
exist that was not anticipated in design. The exact cause for 
the larger n values is unknown. 
Table 3. Deflection criteria. 
Source 
Ref. [ 1 ] 
Ref. [2] 
Ref. [11] 
Deflection Criteria 
L/500 
L/425 
L/360 
Table 4. n values calculated from measured deflections. 
Load Case, Span n value 
LC 1 
LC 2 
LC 3 
796 
561 
557 
Using the assumption that all girders are of equal stiffness, 
an approximation of the distribution factors can be obtained 
using physical test data from Eqn. 1. 
~. 
DF; _  ' f 
~~~ 
=i 
Where, 
DF; =distribution factor of the ith girder 
(lanes/girder). 
~; =deflection of the ith girder. 
D; =sum of all girder deflections. 
n =number of girders. 
Eqn. 1 
From Eqn. 1, distribution factors were calculated for each 
load case. The distribution factors calculated from the test 
data as well as those calculated using guidelines found in [ 1 ] 
and [2] are illustrated in Fig 19. From Fig. 19 it is clear that 
the equations in [ 1 ] and [2] used to calculate distribution 
factors are generally conservative. The codified distribution 
factors become less conservative for the exterior girders 
when the load truck is place closer to the guardrails, as is 
typically the procedure for computing the distribution factor 
for exterior girders. 
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Figure 19. Experimental and codified distribution 
factors. 
In addition to global girder deflection, differential girder 
deflections may be important to the long-term performance 
and durability of the bridge. Table 5 lists the maximum 
differential deflections between adjacent girders for each 
load case. Differential girder deflections were typically 
greatest on the side of the bridge opposite of the load truck. 
It is also evident from Table 5 that positioning the load truck 
on the side with the shorter overhang produces larger 
differential girder deflections. The significance of these 
differential deflections is unknown because [ 1 ] and [2] 
specify no criteria for limiting differential deflection 
between adjacent girders. In addition, the lack of 
longitudinal cracking in the asphalt wearing surface suggests 
that differential girder deflections are not visibly affecting 
the condition of the wearing surface. 
Table 5. Maximum differential girder deflections. 
Max. Differential Girder 
Deflection (in.) Load Case 
1 0.143 
2 0.142 
3 0.162 
Deck Deflection Behavior 
Panel deflections relative to the girders were calculated at 
two locations. For both locations and both load cases, the 
maximum panel deflection relative to the girders was 
approximately 0.15 in. [ 13] suggests limiting differential 
panel deflections to 0.1 in., and further limitations are 
recommended in the presence of an asphalt wearing surface 
or timber sidewalk. Based on the recommended limit of 0.1 
in., the panel deflections may be critical to the condition of 
the wearing surface. 
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A significant problem noted upon initial inspection was the 
cupping of the panels, illustrated in Fig. 20 in cross-section, 
which creates a rocking action as the load passes over the 
panels. As the truck drives over one side of a panel, that 
side displaces down forcing the opposite side upwards. 
Because of the gap between the panels and because there is 
no mechanical connection between the panels, differential 
deflection between adjacent panels is created resulting in 
transverse cracking of the wearing surface at the panel joint. 
Location of 
Transverse Cracking\ 
~-C'upped Deck Panel Asphalt Wearing Surface 
Girder 
~ ~/'~ 
o.~ 
o >a 
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Figure 20. Deck panel cross-section. 
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Differential panel deflection graphs for three of the locations 
shown in Fig. 9 for load case 1 are illustrated in Fig. 21. In 
general, the differential panel deflections for load case 2 
were slightly lower in magnitude, but similar in pattern, to 
load case 1 and are therefore not presented. Load case 3 
however, had significantly smaller differential panel 
deflections in addition to variable patterns of response and is 
illustrated in Fig. 22. 
The graphs in Figs. 21 and 22 illustrate two sets of data. The 
experimental data (Exp.) is the actual differential panel 
deflections calculated from the measured panel deflections. 
Since the panel deflections were not measured immediately 
next to the panel edges, a second set of data is plotted called 
approximate (Approx.). The approximate data are the 
differential panel deflections calculated using linear 
extrapolation assuming the gap between the panels and the 
girders increases linearly from the center of the panel to the 
edge of the panel. 
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Figure 21. Differential Panel Deflections, load case 1. 
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Figure 22. Differential panel deflection, load case 3. 
Noticeable increases in differential deflections are evident 
when the axles cross panels adjacent to the instrumented 
joint. Figure 23 illustrates, in exaggerated scale, the 
behavior of the deck panels during load passage. For load 
cases 1 and 2, where the load truck was on the side of the 
bridge where differential panel deflection was being 
calculated, maximum calculated differential deflection was 
approximately 0.15 in. In contrast, maximum calculated 
differential panel deflection for load case 3, where the load 
truck was on the side of the bridge opposite the instruments, 
was approximately 0.045 in. In addition to the large 
increases in differential deflection, smaller increases in 
differential deflection are also evident after the axles pass 
the joint. This is due to the axles passing over the edge of 
the panel away from the instruments, rocking the opposite 
edge up relative to the adjacent panel, similar to a teeter-
totter. 
9= 
35 40 45 
Figures 21 and 22 illustrate the increases in differential panel 
deflection calculated when the loads approach, cross, and 
move away from the panel joint of interest. However, visual 
inspection of the deck panels during loading suggested that 
further discussion was warranted to explain the behavior of 
the panels. To better understand the deflection behavior of 
the deck panels, girder deflections were subtracted from the 
deck panel deflections recorded adjacent to the girders. 
Figure 24 illustrates the panel deflections for several 
locations, relative to the adjacent girders. These deflections 
were reviewed for locations P6, PS,and P3; P6 is 
representative of the other two locations for all three load 
cases and is therefore the focus of the subsequent discussion. 
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Several interesting happenings are evident in Fig. 24. The 
most obvious is the behavior of the panels in load case 3, 
which is significantly different that the other two load cases. 
With the load truck located on the opposite side of the bridge 
as the panel instruments, negligible panel deflections were 
recorded relative to the girders. For the first two load cases 
however, larger deflections are evident along with the effect 
of the cupping of the panels. 
The following relates to Figs. 24a and 24b. As the front axle 
first encounters the panel west of the instrumented joint, the 
opposite edge of that panel is elevated due to the cupping of 
the panel. As the load crosses the panel, the far edge begins 
to deflect downward. In addition, the adjacent panel edge 
begins to deflect downward, possibly due to contact between 
the two panels at the joint. 
The deflection of both panels continues until the load crosses 
the joint, at which point, the westward panel edge begins to 
return to its original position while the eastward panel edge 
continues to deflect. When the load crosses the mid-width 
of the eastward panel, the deflection of the west edge begins 
to move up, again due to the cupping. In addition, the 
adjacent panel edge (east edge of the west panel) moves up 
slightly, again possibly due to contact between the panels. 
Once the load is completely off the eastward panel, the west 
edge of that panel returns back to its original position. This 
explains the small "hump" after the maximum deflection of 
the panel edge. 
The process repeats as the front rear tandem axle 
approaches, crosses and moves away from the joint. 
However, after the upward movement of the panel edge after 
its maximum deflection there is no additional upward 
movement as was seen before. This is likely due to the 
similarity of the rear axle spacing and the panel width. As 
the front tandem is moving off the panel the rear tandem is 
moving onto the panel, resulting in the almost immediate 
increase in deflection. As with the front axle, once the rear 
tandem moves to the east edge of the eastern panel the west 
edge moves up slightly due to the cupping and then returns 
to its original position once the load moves off the panel. 
Again, upward movement is also evident for the west panel 
due to possible friction between adjacent panels. 
The 0.1 in. limit suggested by [ 11 ] for panel deflections 
relative to the girders may also be applied to differential 
panel deflection. While one panel is deflecting up to the 0.1 
in. limit, an adjacent panel may not deflect at all. Thus, 
comparing the calculated differential panel deflections with 
the 0.1 in. limit, the performance of the deck panels on the 
Butler Co. Bridge is inadequate. Based on the condition of 
the wearing surface at the time of testing, visual inspection 
during testing, and the collected data it is evident that 
differential panel deflections are a significant factor for this 
bridge. 
Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for comparison with 
results from the inspection conducted concurrent with 
testing. The abutments, pier, and girders were found to be in 
good condition with no signs of deterioration, defects, or 
displacement globally. 
The condition of the deck panels and wearing surface for the 
Butler Co. Bridge were found in very poor condition at the 
time of testing. The deck panels were cupped, concave 
upward, creating gaps between the panels and the girders 
and between adjacent panels themselves. Signs of moisture 
ingress were evident at the panel edges due to the cracks in 
the wearing surface. The wearing surface was severely 
cracked, with most of the cracks being transverse cracks 
located at the deck panel joints. The transverse cracks 
extended the full width of the bridge and ranged in width 
from up to 2.0 in. Due to the degradation of the asphalt, 
numerous cracks were wide enough that the watertight 
membrane placed between the wearing surface and the deck 
panels was visible, and in some instances missing. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Three load cases were 
investigated for this bridge. The deflection performance of 
the Butler Co. Bridge was within current design 
specification limitations regarding overall girder deflections 
and distribution factors. Maximum girder deflections were 
approximately 0.5 in. Maximum girder deflections for load 
case 3 were approximately half of those measured for the 
other two load cases. Codified distribution factors were 
found to be conservative compared to those calculated from 
the measured deflections. The distribution factors were less 
conservative for the exterior girders on the side of the bridge 
that was being loaded. 
The deflection performance of the glued-laminated deck 
panels from a global standpoint was adequate. However, 
due to the cupping of the individual panels, the differential, 
localized deflection performance of the panels was 
insufficient. The deck panels have experienced severe 
cupping, resulting in gaps between the deck panels and the 
girders. The gaps are typically on the order of a 0.25 in. and 
are found on both sides of each deck panel. 
Differential panel deflections were calculated based on the 
panel edge deflections and were found to vary depending on 
both the longitudinal and transverse position of the load 
truck. Based on the longitudinal position of the load, 
differential panel deflections were a maximum when one 
axle of the rear tandems was on a panel, but near the 
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opposite edge as the instruments, and the other tandem axle 
was on an adjacent panel on the edge near the instruments. 
In terms of transverse load position, maximum differential 
panel deflections were calculated near the load. When the 
load truck was opposite the side of the transducers, 
differential panel deflections were considerably smaller. 
Maximum calculated differential. panel deflections were 
approximately 0.15 in. These deflections exceed the 0.1 in. 
limit, which in the presence of an asphalt wearing surface is 
suggested to be reduced. Therefore, based on the condition 
of the wearing surface and the calculated differential panel 
deflections, it is evident that the magnitudes of these 
differential deflections are significant. Severe transverse 
cracks at the panel joints have formed, allowing for the 
ingress of moisture and debris in-between the deck panels 
and onto the girders. This may lead to further problems such 
as section loss of the panels and girders. 
In conclusion, from the results obtained from the testing and 
analysis of the Butler Co. Bridge it was found that the 
overall bridge performance under static live loading is 
adequate and within current design specification limitations. 
However, from the measured data and visual inspection 
during testing, the deflection performance of the glued-
laminated deck panels is inadequate and appears to be 
dependent on two factors: the cupping of the panels and the 
transverse load position. In addition, due to the condition of 
the deck panels, severe deterioration of the asphalt wearing 
surface has occurred leading to the further deterioration of 
other components of the bridge. 
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Appendix A - Information Sheet 
General Design Configuration 
Name: Butler Co. Bridge Structure Type: Longitudinal Glued-Laminated 
Location: Girder Bridge 
State: Alabama 
County: Butler 
Highway: Co. Rd 1028 
Feature Crossed: Tributary of Little Chatahospee 
Date Constructed: 1992 
Owner: Butler County 
Date Tested: May, 2003 
Testing Organization/Crew: ISU; TW, BP, DW 
Bride Composition 
Total Length (out-out): 86 ft — 0 in. 
Skew: 0 
Number of Spans: 2 
Span Lengths) (c-c bearings): 24 ft, 60 ft 
Width (out-out): 24 ft — 7 in. 
Width (curb-curb): 24 ft — 7 in. 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade /Species Size S mbol y 
Preservative 
Treatment 
Girders Glued- 
laminated 
So. Yellow 
Pine 
5" x 27.5" N/A Pentochlorophenol 
Deck Panels Glued- 
laminated 
So. Yellow 
Pine 
5.125" x 4' N/A Pentochlorophenol 
Stiffeners N/A N/A N/A N/A N/A 
Diaphragms Steel Angle N/A N/A N/A N/A 
Abutments Reinforced 
Concrete 
N/A N/A N/A N/A 
Piers Reinforced 
Concrete/Steel 
pile 
N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: 3 in. Asphalt 
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Abstract Contents 
The East Main Street Bridge was originally constructed in 
1985 in the Town of Angelica in southwest New York State. 
The current structure is a longitudinal glued-laminated 
timber panel bridge with a 31 ft — 5 in. length and a 35 ft —
10 in. width. This two-lane bridge consists of eight 
longitudinal glued-laminated panels, four transverse stiffener 
beams every one-fifth of the span and an asphalt wearing 
surface. The performance of this bridge under static loading 
is the focus of this report. Testing involved the collection of 
deflection data under controlled loading, as well as 
comprehensive visual inspections conducted to assess the 
overall bridge condition. The combination of the live load 
deflection data and general condition of the bridge were used 
to relate deterioration of the wearing surface and 
superstructure to traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20t'' century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the ninth in a series aimed at collecting, 
analyzing, developing, and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the East Main Street Bridge including testing 
procedures and performance of the bridge under static 
loading. The East Main Street Bridge is atwo-lane, simple-
span, longitudinal glued-laminated panel bridge in the Town 
of Angelica, NY with a clear span distance of 29 ft — 7 in. 
(See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units 
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot2
pound (lb) 
lb/in'` (stress) 
lb/ft`' (wei:ht) 
25.4 
0.3048 
0.09 
0.1.4 
6,$94 
4.88 
millimeter (mm) 
meter (m) 
square meter (m~) 
Newton (N) 
Pascal (Pa) 
kilogram/meter` (kg/m 
Objective and Scope 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated panel bridges. 
Background 
Several bridges in Allegany County, New York that satisfied 
the overall needs of the project were identified and selected 
for testing. Figure 1 shows Allegany County and the 
location of the East Main Street Bridge included in this 
report as well as other bridges tested in the area and included 
in companion reports. 
The East Main Street Bridge crosses Commons Creek and is 
located in the Town of Angelica in southwest New York 
State in Allegany County. Elevation and end view 
photographs of the bridge are shown in Fig. 2. East Main St. 
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carries a medium traffic volume and the bridge is surrounded 
mainly by residential and commercial properties. The 
bridge, excluding the wearing surface, exists today as was 
originally constructed in 1985, and was initially tested by 
Iowa State University in 1996. In order to develop atime-
history deflection behavior for the structure, the data 
collected in 1996 are included herein with that collected in 
2003. 
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Figure 2. East Main St. Bridge, Town of Angelica, NY. 
Bridge Description 
The East Main Street Bridge is a two-lane, simple-span 
longitudinal glued-laminated panel bridge with a span of 30 
ft — 6 in. measured from center-to-center of supports, as 
illustrated in Fig 3. The bridge has a roadway width, 
measured between the curbs, of 34 ft, and zero degrees of 
skew, as also illustrated in Fig. 3. The out-to-out length of 
the bridge, measured from panel end to panel end, is 31 ft —
5 in. and the out-to-out deck width is 35 ft — 10 in. The 
supporting substructure consists of sheet pile abutments with 
C-channel abutment caps and nominal 2 in. x 10 in. timber 
bearing seats. 
Spanning between the sheet pile abutments are eight 14.25 
in. x 4 ft — 5 in. glued-laminated panels. The 31 ft — 5 in. 
long panels are supported on either end by a 2 in. x 10 in. 
dimension timber on the C-channel abutment caps. At both 
abutments, steel angles and through bolts provide anchorage 
for the panels to the abutment walls. Nominal 6.75 in. x 4.5 
in. transverse stiffener beams are located every one-fifth of 
the span. Attachment of the stiffener beams to the deck 
panels is accomplished by means of lag screws and washers. 
Asphalt provides the wearing surface for the bridge, as 
shown in Fig. 4, and the curbs on the East Main Street 
Bridge are composed of solid timbers with scuppers cut out 
between the rail posts, as also shown in Fig. 4. The 
guardrails are composed of solid timber posts and a 
combination of solid timber and thrie beam rails. Support 
for the guardrail is provided by bolts through the curb as 
well as bolts directly into the fascia of the exterior panels. 
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Figure 4. East Main Street Bridge photographs. 
Evaluation Methodology 
Deck deflections were recorded at critical locations with the 
use of an Optim Megadac data acquisition system (DAS), a 
Dell laptop computer running TCS software for 
communication with the Megadac, and ratiometric 
displacement transducers. 
Using the global deflection data collected, differential 
deflections could be calculated. A large differential 
deflection between adjacent deck panel edges has been 
known to cause cracking or other damage to the wearing 
surface, allowing moisture ingress through the wearing 
surface to the deck and transverse stiffener beams below 
resulting in further deterioration of the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
deck panels. Transducers were positioned directly under the 
eyehooks and connected via non-stretch piano wire and s-
hooks. The transducers were attached to a length of 2 x 12 
in. lumber and elevated above the river/stream using tripods. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 6. The first row of 
transducers, located at midspan, consisted of transducers 
positioned on the underside of the deck panels near each 
panel edge. A second transverse row, located approximately 
6 ft west of midspan and centered between two stiffener 
beams, consisted of tranducers on panels PS through P8 
only. In addition, transducers were installed on panel joint 
J7, from midspan, west to the abutment, on either side of 
each transverse stiffener beam and midway between stiffener 
beams. In 1996, transducers were placed along the 
transverse centerline of the bridge at the panel edges only. 
Figure 5. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Allegany County 
Public Works Department. Figures 7 and 8 show the load 
truck dimensions, axle weights, and the load truck used for 
testing in 2003. The total weight of this truck was 69,820 
lbs, with front and rear axle weights of 17,7801bs, 26,020 
lbs., and 26,0201bs, respectively. The rear wheelbase for 
the load truck was 6 ft, the rear axle spacing was 4 ft - 5 in. 
from center-to-center, and from the forward most rear axle 
to the front axle measured 13 ft - 5 in. 
Two load trucks were used for testing in 1996. Load truck 
18 had a total weight of 70,3201bs, with front and rear axle 
weights of 17,4201bs, 26,450 lbs, and 26,4501bs. Load 
truck 12 had a total weight of 75,940 lbs, with front and rear 
axle weights of 20,4001bs, 27,7701bs, and 27,7701bs. The 
rear axle spacing for the two trucks was 4 ft - 5 in., and the 
spacing between the front tandem and the front axle was 15 
ft - 2 in. 
Selection of truck position for the four load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The same four load cases were 
investigated in 2003 as were in 1996 and are illustrated in 
Fig. 9. In 1996, all four load cases were investigated with 
one load truck positioned statically (i.e., not moving) on the 
structure; load truck 18 was used for load cases 1 and 2, and 
load truck 12 was used for load cases 3 and 4. In addition, 
load case 1 was investigated with load truck 18 moving at a 
crawl speed. 
In 2003, all load cases were investigated with the load truck 
moving at crawl speed across the bridge. For the first load 
case, the truck was driven west with the centerline of the left 
wheel line offset 2 ft from the longitudinal centerline of the 
bridge. The second load case involved the load truck driving 
west with the right wheel line offset 2 ft from the edge of the 
curb. The third load case involved the load truck driving 
west with the right wheel line offset 2 ft from the 
longitudinal centerline of the bridge. The last load case 
involved the load truck driving west with the left wheel line 
offset 2 ft from the curb. 
26,0201b. 26,020 lb. 
13'-5" 
17,7801b. 
Figure 7. Vehicle configuration and axle loads, 2003. 
Figure 8. Test truck for East Main Street Bridge. 
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Condition Assessment 
An inspection report from 2000 completed by the New York 
State Department of Transportation was obtained and 
reviewed for comparison with the results of an inspection 
conducted at the time of testing in 2003. These assessments 
involved visual inspections and measurements as well as 
photographic documentation of the bridge condition. 
Specific items of interest included the condition of the 
wearing surface, deck panels, and the overall condition of 
the structure. 
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Wearing Surface 
The inspection report provided by the NYS DOT, completed 
in 2000, rated the asphalt wearing surface as a 4 on the 
National Bridge Inventory scale. Figure 10 shows the 
condition of the wearing surface in 2000 as shown in the 
inspection report. Several full and partial length longitudinal 
cracks as well as partial width transverse cracks were noted. 
In addition, some of the longitudinal cracks had been sealed, 
with the ride quality documented to be in fair condition. 
Figure 10. Asphalt wearing surface in 2000. 
Inspection of the wearing surface by the testing team from 
Iowa State University prior to field-testing found that a new 
lift of asphalt had been placed on the bridge and that similar 
cracking was already evident in the new asphalt. Figure 11 
shows the condition of the asphalt wearing surface in 2003 
at the time of testing. Partial and full-length longitudinal 
cracks along with partial transverse cracks were evident. 
Transverse cracks extending from curb to curb were also 
present at each abutment. The longitudinal cracking appears 
to have reflected through the new lift of asphalt in the same 
locations shown in Fig. 10. From measurements taken in the 
field, the most significant longitudinal cracks were located 
directly above panel joints J3 and J4. 
a. Asphalt ~ti~earing surface, looking from ~~est abutment. 
b. Asphalt wearing surface, looking from east abutment. 
Figure 11. Asphalt wearing surface in 2003. 
Longitudinal Deck Panels 
The longitudinal, glued-laminated deck panels were 
observed to be in satisfactory condition for all inspections 
completed on this bridge. Minor splitting was evident on the 
underside of the deck panels near the panel joints, otherwise, 
the panels were found to be in good condition for both 
inspections. The panel joints were tight in some locations, 
while in other locations there were noticeable gaps between 
adjacent panels. Figure 12 illustrates a typical gap between 
adjacent deck panels. 
Figure 12. Tti~pical gap bet~~een adjacent deck panels. 
Moisture readings were taken at numerous locations on the 
underside of the deck panels at the time of testing. Moisture 
levels were approximately 13 — 14 percent at the mid-width 
of the panels and approximately 19 percent at the panel 
edges. The increase in moisture content from the center of 
the panel to the panel edge is likely due to the cracking of 
the asphalt and the gaps between the deck panels allowing 
for ingress of moisture. In addition, higher moisture levels 
were measured near the abutments where significant 
transverse cracks were present. 
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Transverse Stiffener Beams 
Visual inspection completed by the NYS DOT of the 
transverse stiffener beams revealed signs of deterioration in 
one stiffener beam. Similarly, visual inspection at the time 
of testing found the same level of deterioration in the 
transverse stiffener beams. Figure 13 illustrates typical 
cracking of the stiffener beam and the cover plate that was 
attached to repair the split beam. The crack is located at the 
centerline of the bridge on the second stiffener beam from 
the east abutment. On the east face of the stiffener beam, the 
crack begins several inches south of the cover plate at the 
bottom of the beam and extends north along the center of the 
beam for several feet. On the west face of the stiffener 
beam, the crack begins north of centerline at the bottom of 
the beam above the cover plate and extends north for 
approximately 1 ft. These cracks were documented in the 
2000 inspection report. At the time of testing, there was no 
evidence of crack propagation since 2000, based on paint 
marks on the crack. 
In addition to the cracking shown in Fig. 13, localized 
crushing was evident on the transverse stiffener beams 
around the screws and washers used to attach the beams to 
the bottom of the deck panels. This crushing is likely the 
result of swelling of the deck panels which appear to be 
restrained from movement by the bolted angle connections 
described previously, although the exact cause is unknown. 
a. Cover plate and crack in stiffener beam. 
b. Crack in stiffener beam. 
Figure 13. Cracking of stiffener beam in East Main St. 
Bridge. 
Overall Structure 
Overall, the structure was found to be in good to excellent 
condition for all condition evaluations. The foundations, 
bearing seats and asphalt approaches were all in good 
condition with no significant defects or signs of 
deterioration. Signs of crushing and displacement of the 
deck panels was evident at the abutments due to swelling of 
the deck panels. 
Results 
Data Analysis 
The following presents the results of the load testing of the 
East Main Street Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using code equations. 
1996 Panel Deflection Behavior 
In 1996, deflections were only measured along the 
transverse centerline of the bridge at the panel edges. Due to 
equipment error, deflections at location P3 were 
approximated as the average of those measured at P2 and P4. 
Transducer PO is located on the outside edge of panel P8 but 
is not indicated in Fig. 6 because it was not used in the 2003 
testing. 
Figure 14 illustrates the maximum transverse centerline 
deflection of the bridge in 1996 for all four load cases. For 
comparative purposes the deflections were adjusted by total 
truck weight to the 2003 truck. Maximum panel deflection 
was approximately —0.45 in. Deflections were at a 
maximum at the panels immediately under the load, and the 
general slope of the deflected shape suggests some level of 
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transverse load distribution from panel to panel. In all load 
cases, a significant decrease in deflection is evident from the 
interior to exterior edge of the exterior panel nearest to the 
load truck. A similar decrease in deflection is evident at the 
panels on each side of the load truck in each load case. 
Deflections at the edge of the bridge opposite the load truck 
were small for all load cases. The decrease in deflection 
seen at transducers PO and P 15 in Fig. 14 may be the result 
of additional stiffness provided by the large curb sections at 
each edge of the bridge. In addition, decreased transverse 
load distribution due to the termination of the transverse 
stiffener beams may be a factor. 
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Figure 14. Maximum midspan panel deflections. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ] suggests limiting maximum panel deflections 
to L/360. Listed in Table 2 are the n values calculated from 
the maximum measured deflections for the East Main Street 
Bridge in 1996. The n values have been adjusted by total 
truck weight to the HS20-44 design vehicle for comparative 
purposes. 
Table 2. Deflection criteria. 
Load Case Deflection (in. n Value 
1 -0.377 913 
2 -0.437 788 
3 -0.396 870 
4 -0.460 748 
The performance of the bridge is within recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The large difference between 
the specified deflection criteria and those calculated from the 
n values in Table 2 may be attributed to several factors. 
First, the panels may have initially been over-designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. In addition, as mentioned previously, 
the level of transverse load distribution and large curbs may 
be a factor. 
In design, the wheel load factor (WLF) is often used to 
distribute loads between the deck panels. The WLF is 
computed as follows for bridges designed for two or more 
traffic lanes [ 11 ]: 
WLF = Wp  or Wp whichever is greater 3.75+L/28 5.00 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per vehicle 
allows for comparison with the WLF. 
Where, 
DF;
average 0 ;
DF; _ n 
~j ~ i 
i=1 
Eqn. 1 
= distribution factor of the ith panel 
(lanes/panel). 
average ,~; =average of panel is edge deflections. 
~' 0; =sum of all average panel deflections. 
n =number of panels. 
For comparison, the distribution factors for load cases 1 
through 4 as well as the WLF's calculated using guidelines 
found in [ 11 ] are illustrated in Fig. 15. From Fig. 15 it is 
clear that the equation in [ 11 ]used to calculate WLF's is 
conservative for all panels for all load cases. 
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223 
In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and, in particular, the wearing surface. Maximum 
differential panel deflection for all four load cases was 
approximately 0.04 in. and the pattern of differential panel 
deflections across the width of the bridge was highly 
variable when similar load cases were compared. For the 
load case involving the truck moving at a crawl speed, 
differential panel deflections calculated at midspan varied 
both in magnitude as well as in pattern. Figure 16 illustrates 
the maximum midspan differential panel deflections for this 
particular load case. Differential panel deflections on either 
side of the wheel lines were the greatest and those furthest 
from and directly below the load truck were the least. 
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Figure 16. ~1aximum differential panel deflections at 
midspan. 
The differential deflection versus truck position response 
varied from joint to joint. Figure 17 illustrates the 
differential panel deflection versus load truck position for 
two panel joints adjacent to the load truck path as well as 
one panel joint away from the load truck path. Differential 
deflections several panels away were negligible, and 
maximum differential deflections between the panels were 
found to be located at the first panel joint to the left and right 
of the load truck. 
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Figure 17. Differential panel deflection versus truck 
position. 
Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. In addition, [13] 
suggests a further reduction in the limit in the presence of an 
asphalt wearing surface. Compared to this limit the 
differential panel deflections do not appear to be significant. 
However, because the amount of reduction applied to the 
recommended limit is based only on user judgment the 
comparison loses all of its significance. On the other hand, 
the condition of the wearing surface provides some insight 
into the significance of these deflections. From the photos 
of the asphalt in 2000 and 2003, it is evident that 
longitudinal cracks were present in the wearing surface. The 
presence of these cracks is an indication that the level of 
differential panel deflection on the East Main Street Bridge 
may be one factor affecting the deterioration of the wearing 
surface. 
2003 Panel Deflection Behavior 
The global deflection behavior of the bridge was consistent 
with what would generally be expected. Deck panels under 
and adjacent to the load deflected the greatest, and deck 
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panels away from the load deflected the least. Figure 18 
illustrates the maximum transverse centerline deflection of 
the bridge for all four load cases in 2003. Due to equipment 
error, deflections at location P6 were approximated as the 
average of those measured at PS and P7. 
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Figure 18. Maximum midspan panel deflections for all 
four load cases. 
It is evident from Fig. 18 that symmetric deflections result 
when the load truck is at similar locations but on opposite 
sides of the longitudinal centerline of the bridge. The 
similarities are not only in the pattern but in the magnitude 
of the deflections as well. Maximum panel deflection for all 
four load cases was, on average, approximately -0.40 in. 
Also evident in Fig. 18 is the transverse load distribution 
characteristics of the structure. For all load cases, 
deflections began at a maximum below the load truck and 
consistently decreased away from the load to the curbs. 
Deflections recorded at the exterior panels opposite the side 
of the load truck were negligible. In addition, small 
deflections were measured at both edges of the bridge when 
the load truck was positioned near the longitudinal centerline 
of the bridge (e.g., load cases 1 and 3). This suggests that 
the greatest percentage of the load is resisted by the panels 
below and immediately adjacent to the load. In addition, the 
small deflections measured at the edges of the bridge may be 
the result of added stiffness from the large curb sections 
and/or decreased load distribution to the last panel due to the 
termination of the transverse stiffeners before the edge of the 
bridge. However, the exact cause and extent to which these 
factors are affecting the deflections is unknown. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ]suggests limiting maximum panel deflections 
to L/360. In addition, [ 11 ]suggests consideration of 
differential panel deflection when designing the transverse 
stiffener beams. Listed in Table 3 are the maximum 
measured panel deflections for each load case, as well as the 
n values calculated from those deflections. The n values 
have been adjusted by total truck weight to the HS20-44 
design vehicle for comparative purposes. 
Table 3. Deflection criteria. 
Load Case Deflection (in.) n Value 
1 0.385 89~ 
2 0.426 808 
3 0.375 919 
0.442 778 
The performance of the bridge is within recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The large difference between 
the specified deflection criteria and those calculated from the 
n values in Table 3 may be attributed to several factors. 
First, the panels may have initially been over-designed to 
reduce deflections or the deflection limit state may not have 
controlled the design. In addition, as mentioned previously, 
the level of transverse load distribution and large curbs may 
be a factor. 
In design, the deflection of one panel is computed as the 
deflection produced by one wheel line of the design vehicle 
(load truck) multiplied by the wheel load factor (WLF). The 
WLF is computed as follows for bridges designed for two or 
more traffic lanes [ 11 ] 
WLF =  Wp  or Wp whichever is greater 3.75+L/28 5.00' 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per lane allows 
for comparison with the WLF presented in [ 11 ]. 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors that were 
calculated for all load cases as well as the WLF's calculated 
using guidelines found in [ 11 ] are illustrated in Fig. 19. 
From Fig. 19 it is clear that the equation in [11] used to 
calculate WLF's is conservative for all panels. 
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In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and wearing surface, in particular. Maximum midspan 
differential panel deflections for all four load cases are listed 
in Table 4. From Table 4 it is evident that the maximum 
differential deflection is generally consistent for all load 
cases, except for load case 4, which was approximately half 
for unknown reasons. For all load cases, differential panel 
deflections near the wheel loads were the greatest and those 
furthest from the wheel loads were the least, as would be 
expected. 
Table 4. Maximum differential anel deflections. 
Differential Panel Deflection (in.) 
LC1 LC2 LC3 LC4 
0.025  0.025  0.029 0.013 
Illustrated in Fig. 20 are the differential panel deflections 
along the transverse centerline of the bridge for load case 1, 
which is typical of all load cases. Differential deflection of 
panel joint J3 is not shown due to equipment malfunction. 
For all load cases, the maximum differential panel deflection 
was less than 0.03 in. Differential panel deflections 
calculated at panel joints on the opposite side of the bridge 
as the load truck were typically smaller than those calculated 
near the load truck. 
The pattern of differential deflection illustrated in Fig. 20 is 
generally the mirror image of that for load case 3. However, 
the pattern of longitudinal cracking does not reflect the 
calculated differential deflection from load case 3 as it does 
those calculated for load case 1. The presence of 
longitudinal cracking on the north panel joints and not the 
south panel joints, even though similar differential 
deflections were calculated on both sides from comparative 
load cases, may be an indication of possible areas of 
deterioration. However, the existence, type, and amount of 
deterioration is uncertain. 
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Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. Compared to this limit 
the differential panel deflections do not appear to be 
significant. However, because the amount of reduction 
applied to the recommended limit is based only on user 
judgment the comparison loses all of its significance. On the 
other hand, the condition of the wearing surface provides 
some insight into the significance of these deflections. From 
the photos of the asphalt in 2000 and 2003, it is evident that 
longitudinal cracks were present in the asphalt wearing 
surface. In addition, the location of the longitudinal cracks 
appears to be consistent. Measurements taken in the field 
and inspection of the photographs taken in 2000 and 2003 
indicate that the most significant of the longitudinal cracks 
are located at panel joints J4 and J5. 
Transverse stiffener beams on this type of structure are 
intended to serve two main functions: distribute the load 
transversely from panel to panel and, to some extent, reduce 
the amount of differential deflection between adjacent 
panels. The effectiveness of the stiffener beams to distribute 
load transversely was discussed previously. To investigate 
the effectiveness of the stiffener beams to reduce differential 
panel deflections, the differential deflection along two 
transverse lines of the bridge and along panel joint J7 were 
investigated. 
Comparison of calculated differential deflections along the 
transverse centerline of the bridge with those calculated at 
approximately 3 ft west of the transverse centerline 
produced little evidence that the stiffener beams were 
affecting the differential panel deflections. The differential 
deflections adjacent to the stiffener beams as well as midway 
between stiffener beams were inconsistent from location to 
location and were not always smaller adjacent to the 
stiffener beams. Further proof of this is evident in Fig. 21, 
which illustrates the differential deflection along panel joint 
J7 at locations both adjacent to, and centered between, 
stiffener beams. Lines with open data points represent 
differential deflections midway between two stiffener 
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beams; lines with solid data points represent differential 
deflections adjacent to the stiffener beams. 
From Fig. 23 it is evident that the transverse stiffener beams 
have little effect on the differential deflection of the panels. 
In addition, their effect on the differential deflection of the 
panels appears to be random and inconsistent from location 
to location. The ineffectiveness of the stiffener beams to 
reduce the differential panel deflections may be a result of 
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several factors. First, the simple attachment of the beams to 
the panels with lag screws and washers on either side of each 
panel joint may be insufficient for this purpose. Second, any 
expansion and contraction of either the panels, or the beams, 
may loosen the connection between the two resulting in 
increased differential deflections. In addition, other factors 
may be affecting the varied levels of differential panel 
deflections. 
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Figure 21. Differential panel deflections adjacent to and midway between transverse stiffener beams along joint J7. 
Discussion and Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. From the inspection report obtained from 2000 and 
the inspection conducted in 2003 at the time of testing the 
structure was found to be in good condition overall. For 
both bridge inspections, cracking was noted in one of the 
transverse stiffener beams near midspan. An attempt to 
arrest the progression of this cracking was made by use of a 
steel plate across the crack and adjacent panel joint as seen 
in Fig. 13. In addition, minor crushing was evident on some 
of the stiffener beams around the lag bolts and washers used 
to attach them to the panels. 
The deck panels were found to be in good condition with no 
noticeable signs of expansion or displacement at the 
abutments. In addition, the panel joints were easily 
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noticeable with some visible gaps between adjacent panels. 
The curbs, guardrails, and abutments were in good to 
excellent condition. In 2000, as well as in 2003, significant 
longitudinal cracking and minor transverse cracking were 
evident in the wearing surface. The longitudinal cracking 
was found to be in the same general location during both 
inspections, and corresponded to the location of the deck 
panel joints. From photographs taken in 2000, the cracks 
appear to have been sealed with sealant, however, at the time 
of testing in 2003 the cracks in the new asphalt had not yet 
been sealed. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Four load cases were 
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investigated for this bridge. The deflection performance of 
the East Main Street Bridge was found to be within current 
design specification limitations for deflection and load 
distribution. Figure 22 illustrates the maximum midspan 
panel deflections for all four load cases from both the 1996 
and 2003 tests. Deflections measured in 1996 were adjusted 
by total truck weight to the 2003 test truck for comparative 
purposes. The difference between the 1996 and 2003 
deflection data varies from load case to load case. The 
difference between the two sets of data varies from 
approximately 2 to 8 percent from location to location. The 
variance in the two sets of data could be from any number of 
different factors including: deterioration, slight discrepancies 
in the position of the load, changes in support conditions, as 
well as other factors. 
0.00 
-0.0 
-0 1 G 
-0.15 
.~ -0 20 
-o zs 
V 
d 
w 
A -0.30 
-0 35 
-0 40 
-0.45 
-0.50 
o.00 
-0.05 
-0.10 
-0.15 
ar -0.20 
C 0 
w 
A 
0.25 
-0.30 
-0.35 
-0 40 
-0.45 
-u.5o 
? 4 ~...._ 8 10 12 14 1 
~ o 
~. 
', 
.~
+ LC] -2003 
-~- I.CI-]996 
Transducer Number 
b. Load case 2. 
G 2 4 6 1 
r 
3~ 
~" +LCI _'•003 
_~ L,^1_]og6 
Transducer Number Transducer Number 
c. Load case 3. d. Load case 4. 
Figure 22. Maximum midspan deflection, 1996 & 2003. 
Transverse load distribution was generally unchanged, as is 
evident in Fig. 23, which is representative of all load cases. 
Some level of transverse load distribution was found based 
on the calculated distribution factors and transverse 
deflection of the bridge. Additionally, as seen in Fig. 23, the 
calculated transverse load distribution in the East Main 
Street Bridge was found to be similar to that of a girder type 
structure. Figure 23 also suggests that the design load for 
individual longitudinal deck panels (WLF), in the case of the 
East Main Street Bridge, is approximately twice as much as 
an individual panel carries for the given loading. 
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Table 5 lists the recommended deflection limit for this type 
of structure as well as those calculated from the maximum 
measured deflections from both the 1996 and 2003 tests. 
The calculated n values were adjusted by total truck weight 
to the HS20-44 design vehicle for comparison purposes. 
Table 5. Codified and calculated n values for deflection 
criteria. 
9 
n-value 
1996 Results 2003 Results 
LC 1 913 895 
LC 2 788 808 
LC 3 870 919 
LC 4 748 778 
Recommended 360 
From Table 5 it is evident that the deflection performance of 
the bridge is within limitations suggested by [11). The large 
discrepancy between the suggested limit and the calculated n 
values may be attributed to several factors. These factors 
include: the panels may have initially been over-designed to 
reduce deflections or the deflection limit state may not have 
controlled the design, the level of transverse load 
distribution, and the large curbs present on the structure may 
be also be a factor. However, the exact cause is unknown. 
In addition to global panel deflection, differential panel 
deflections were calculated for evaluation. Maximum 
differential deflection for all load cases was less than 
approximately 0.04 in. in 1996 and 0.03 in. in 2003. The 
pattern of differential deflection from joint to joint was 
found to be variable and generally unpredictable. Similarly, 
there was no similarity found in the pattern of differential 
deflection transversely across the bridge for similar load 
cases. These calculated deflections seem relatively 
insignificant compared to the 0.1 in. limit. Reducing this 
limit due to the presence of an asphalt wearing surface as 
suggested, may or may not make these deflection significant. 
However, judging by the longitudinal cracks present in the 
wearing surface on the East Main Street Bridge, the 
differential deflections may be a factor affecting the 
deterioration of the wearing surface of this bridge. 
Differential deflection behavior of the panels relative to the 
position of the transverse stiffener beams is also of particular 
interest. Stiffener beams are designed to distribute loads 
transversely from panel to panel in addition to reducing 
differential deflections between adjacent panels. Differential 
deflections were calculated at several locations along one 
panel joint, including adjacent to each side of several 
stiffener beams and midway between stiffener beams. 
Independent of load position, there was no noticeable pattern 
found in the differential deflections to suggest that the 
stiffener beams decrease the magnitude of differential 
deflections. 
In conclusion, from the results obtained from the testing and 
analysis of the East Main Street Bridge it was found that the 
overall bridge performance under static live loading is 
adequate and within specified limits. 
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APPENDIX A 
General 
Name: East Main Street Bridge 
Location 
State: New York 
County: Allegany 
Highway: East Main Street 
Feature Crossed: Commons Creek 
Date Constructed: 1985 
Owner: Allegany Department of Public Works 
Date Tested: July, 2003 
Testing Organization/Crew: ISU: TW, BP, DW 
Bridge Composition 
INFORMATION SHEET 
Design Co~~guration 
Structure Type: Longitudinal Glued-laminated Panel 
Bridge 
Total Length (out-out): 31 ft — 5 in. 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearing): 30 ft — 6 in. 
Width (out-out): 35 ft — 10 in. 
Width (curb-curb): 34 ft 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade/Species Size Symbol Preservative Treatment 
Deck Panels Glulam Southen Yellow Pine 
4.5' x 
14.25" 47 N/A 
Stiffener 
Beams Timber N/A 6.75 x 4.5 
„ N/A N/A 
Diaphragms N/A N/A N/A N/A N/A 
Abutments Steel Sheet 
Pile N/A N/A N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: Asphalt 
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APPENDIX J 
LIVE LOAD DEFLECTION OF TIMBER BRIDGES 
ANGELICA CREEK GLUED-LAMINATED PANEL BRIDGE 
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University 
Live Load Deflection 
of Timber Bridges 
10. Angelica Creek Longitudinal 
Glued-Laminated Panel Bridge 
Terry Wipf 
Brent Phares 
Travis Hosteng 
Doug Wood 
Michael Ritter 
Abstract 
The Angelica Creek Bridge was originally constructed in 
1982 outside the Town of Angelica in southwest New York 
State. The current structure is a longitudinal glued-
laminated timber panel bridge with a 22 ft — 6 in. length and 
a 29 ft — 1 in. width. This two-lane bridge consists of seven 
longitudinal glued-laminated panels, two transverse stiffener 
beams every one-third of the span and an asphalt wearing 
surface. The performance of this bridge under static loading 
is the focus of this report. Testing involved the collection of 
deflection data under controlled loading, as well as 
comprehensive visual inspections conducted to assess the 
overall bridge condition. The combination of the live load 
deflection data and general condition of the bridge were used 
to relate deterioration of the wearing surface and 
superstructure to traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative {TBI), now the National Wood in 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the tenth in a series aimed at collecting, 
analyzing, developing, and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Angelica Creek Bridge including testing 
procedures and performance of the bridge under static 
loading. The Angelica Creek Bridge is a two-lane, simple-
span, longitudinal glued-laminated panel bridge near the 
Town of Angelica, NY with a clear span distance of 20 ft — 1 
in. (See Table 1 for metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units 
Conversion 
Factor English SI Unit 
inch (in.) 
foot (ft) 
foot2
pound (lb) 
lb/in'` (stress) 
lb/ft` (weir 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m~) 
Newton (N) 
Pascal (Pa) 
kilogram/meter' (k 
Objective and Scope 
/m`) 
The overall. objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be used on 
similar longitudinal glued-laminated panel bridges. 
Background 
Several bridges in Allegany County, New York that satisfied 
the overall needs of the project were identified and selected 
for testing. Figure 1 shows Allegany County and the 
location of the Angelica Creek Bridge included in this report 
as well as other bridges tested in the area and included in 
companion reports. 
The Angelica Creek Bridge carries County Road 43 over 
Angelica Creek and is located near the Town of Angelica in 
southwest New York State in Allegany County. Elevation 
and end view photographs of the bridge are shown in Fig. 2. 
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County Road 43 has an AADT of approximately 200, as 
reported in 1989, and the bridge is surrounded mainly by 
agricultural land. The bridge, excluding the wearing surface, 
exists today as was originally constructed in 1982. This 
structure was initially tested by Iowa State University in 
1996. In order to develop atime-history deflection behavior 
for the structure, the data collected in 1996 are included 
herein with that collected in 2003. 
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Figure 2. Angelica Creek Bridge, near Angelica, NY. 
Bridge Description 
The Angelica Creek Bridge is a two-lane, simple-span 
longitudinal glued-laminated panel bridge with a span of 21 
ft — 4 in. measured from center-to-center of supports, as 
illustrated in Fig 3. The bridge has a roadway width, 
measured between the guardrails, of 28 ft — 4 in., and zero 
degrees of skew, also illustrated in Fig. 3. The East side of 
the bridge was slightly higher than the West side due to a 
small super-elevation required for a curve immediately to 
the North of the bridge. The out-to-out length of the bridge, 
measured from panel end to panel end, is 22 ft — 6 in. and 
the out-to-out deck width is 29 ft — 1 in. The supporting 
substructure consists of concrete abutments and wingwalls. 
Spanning between the concrete abutments are seven 8.75 in. 
x 4 ft — 2 in. glued-laminated panels. The 22 ft — 6 in. long 
panels are supported on either end by concrete abutment 
caps. At both abutments, steel angles and through bolts 
provide anchorage for the panels to the abutment walls. 
Nominal 6.75 in. x 8.75 in. transverse stiffener beams are 
located every one-third of the span. Attachment of the 
stiffener beams to the deck panels is accomplished by means 
of lag screws and U-shaped metal brackets as shown in Fig. 
4. 
Also shown in Fig. 4 is the asphalt wearing surface on the 
Angelica Creek Bridge. The curvature in the painted lines 
used to mark the load paths is due to the small curvature in 
the roadway across the bridge; however, the bridge itself is 
not curved. The guardrails are composed of laminated 
timber posts and rails and there are no curbs. The guardrail 
attachment detail is illustrated in Fig. 5. Support for the 
guardrail is provided by bolts and a U-shaped metal bracket 
attached to the fascia of the exterior panels and a metal 
bracket attached to the stiffener beams at the base of the rail 
post. 
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Figure 3, Plan and profile drawings of the Angelica Creek Bridge. 
a. Stiffener beam attachment to deck panels. 
b. Asphalt wearing surface. 
Figure 4. Angelica Creek Bridge photographs. 
Figure 5. Guardrail attachment detail. 
Evaluation Methodology 
Deck deflections were recorded at critical locations with the 
use of an Optim Megadac data acquisition system (DAS), a 
Dell laptop computer running TCS software for 
communication with the Megadac, and ratiometric 
displacement transducers. 
Using the global deflection data collected, differential 
deflections could be calculated. A large differential 
deflection between adjacent deck panel edges has been 
known to cause cracking or other damage to the wearing 
surface, allowing moisture ingress through the wearing 
surface to the deck and transverse stiffener beams below 
resulting in further deterioration of the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 6. With instrument locations 
determined, eyehooks were installed on the underside of the 
deck panels. Transducers were positioned directly under the 
eyehooks and connected via non-stretch piano wire and s-
hooks. The transducers were attached to a length of nominal 
2 x 12 in. lumber and elevated above the river/stream using 
tripods or stabilized on the ground where possible. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 7. The first row of 
transducers, located at midspan, consisted of transducers 
positioned on the underside of the deck panels near each 
panel edge. A second transverse row, located 3 ft north of 
the north stiffener beam, consisted of tranducers on panels 
PS through P7 only. In addition, transducers were installed 
on panel joint J6, from midspan, north to the abutment, on 
either side of each transverse stiffener beam and midway 
between stiffener beams. In 1996, transducers were placed 
along the transverse centerline of the bridge at the panel 
edges only. 
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Figure 6. T~~pical transducer set-up for testing. 
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Figure 7. Transducer locations and truck position for Angelica Creek Bridge, 2003. 
Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Allegany County 
Public Works Department. Figures 8 and 9 show the load 
truck dimensions, axle weights, and the load truck used for 
testing in 2003. The total weight of this truck was 69,820 
lbs, with front and rear axle weights of 17,780 lbs, 26,020 
lbs., and 26,020 lbs, respectively. The rear wheelbase for 
the load truck was 6 ft, the rear axle spacing was 4 ft - 5 in. 
from center-to-center, and from the forward most. rear axle 
to the front axle measured 13 ft - 5 in. 
Two load trucks were used for testing in 1996. Load truck 
18 had a total weight of 66,5601bs, with front and rear axle 
weights of 16,4601bs, 25,050 lbs, and 25,050 lbs. The 
second load truck had a total weight of 67,100 lbs, with front 
and rear axle weights of 17,952 lbs, 24,574 lbs, and 24,574 
lbs. The rear axle spacing for the two trucks was 4 ft — 5 in., 
and the spacing between the front tandem and the front axle 
was 15 ft — 2 in. 
Selection of truck position for the four load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The same four load cases were 
investigated in 2003 as were in 1996 and are illustrated in 
Fig. 9. In 1996, all four load cases were investigated with 
1" 
one load truck positioned statically (i.e., not moving) on the 
structure; load truck 18 was used for load cases 1 and 2, and 
load truck 12 was used for load cases 3 and 4. In addition, 
load case 1 was investigated with load truck 18 moving at a 
crawl speed. 
In 2003, all load cases were investigated with the load truck 
moving at crawl speed across the bridge. For the first load 
case, the truck was driven north with the centerline of the 
left wheel line offset 2 ft from the longitudinal centerline of 
the bridge. The second load case involved the load truck 
driving north with the right wheel line offset 2 ft from the 
edge of the east curb. The third load case involved the load 
truck driving north with the right wheel line offset 2 ft from 
the longitudinal centerline of the bridge. The last load case 
involved the load truck driving north with the left wheel line 
offset 2 ft from the west curb. 
26,0201b. 26,0201b. 
4' -5"   13' -5" 
17,780 lb. 
Figure 8. Vehicle configuration and axle loads, 2003. 
Figure 9. Test truck for the Angelica Creek Bridge. 
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Condition Assessment 
Inspection reports from 1998 and 2000 completed by the 
New York State Department of Transportation were 
obtained and reviewed for comparison with the results of an 
inspection conducted at the time of testing in 2003. These 
assessments involved visual inspections and measurements 
as well as photographic documentation of the bridge 
condition. Specific items of interest included the condition 
of the wearing surface, deck panels, and the overall 
condition of the structure. 
Wearing Surface 
The inspection report provided by the NYS DOT, completed 
in 1998 and 2000, rated the asphalt wearing surface as a 4 on 
the National Bridge Inventory scale. Figure 11 shows the 
condition of the wearing surface in 1998 as shown in the 
inspection report. Several full and partial length longitudinal 
cracks as well as partial width transverse cracks were noted. 
Photographs taken in 2000, and found in the inspection 
report, showed similar longitudinal cracking. These cracks 
appeared to be slightly more severe than the cracks shown in 
Fig. 1 1, and corresponded to the location of the panel joints. 
In addition, transverse cracks on the approaches and raveling 
of the asphalt along the edge of the deck were noted in both 
inspection reports. 
Figure 11. Asphalt wearing surface in 1998. 
Inspection of the wearing surface by the testing team from 
Iowa State University prior to field-testing found that a new 
lift of asphalt had been placed on the bridge approximately a 
month before testing. Figure 12 shows the condition of the 
asphalt wearing surface in 2003 at the time of testing. There 
were no longitudinal or transverse cracks evident on the 
bridge or on the approaches at the time of testing. However, 
raveling was still evident in the old asphalt on the edge of 
the deck. 
Figure 12. Asphalt wearing surface in 2003. 
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Longitudinal Deck Panels 
For all inspections conducted on the Angelica Creek Bridge, 
the longitudinal deck panels were found to be in good 
condition with no signs of significant distress or cracking. 
The panel joints were found to be relatively tight with only 
small gaps found in several places. Tar ingress was found in 
several of the panel joints under the bridge. Moisture 
readings taken at the time of testing in 2003 gave the 
following results. At the mid-width of both exterior panels, 
moisture readings were between 15 and 20 percent, while at 
the edges of the exterior panels moisture readings were 
greater than 30 percent. Similar results were found at the 
interior panels. 
One problem area noted in all inspections for the 
longitudinal deck panels was cupping of the two exterior 
panels. Figure 13 is an illustration found in the 1998 and 
2000 inspection reports documenting the cupping of the 
exterior panels. In addition, Table 2 lists the width of the 
gaps, in millimeters, taken from the 1998 inspection report. 
Figure 14 shows a photograph taken in 2003 of the gap 
between the exterior panel and the transverse stiffener beam. 
The cupping and resulting gap between the panel and the 
stiffener beam are believed to be due to the connection to the 
guardrail post and the possible swelling due to increased 
moisture content at the edges of the panel. Figure 15 
illustrates the connection between the guardrail post, the 
deck, and the stiffener beam. 
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Figure 13. Diagram from 1998 inspection report. 
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As the panels expand due to increases in moisture content, 
they apply pressure to the guardrail post. However, because 
the base of each post is attached to a stiffener beam the top 
of the posts are forced out. This movement of the guardrail 
post, in conjunction with the stiff connection of the guardrail 
posts to the deck panels is believed to be partially 
responsible for the cupping of the deck panels. 
Figure 14. Gap between panel and stiffener beam, 2003. 
Figure 15. Guardrail, deck, and stiffener beam 
connection. 
Transverse Stiffener Beams 
Visual inspection completed by the NYS DOT of the 
transverse stiffener beams found that the beams were in 
good condition. Similar results were found during the visual 
inspection conducted at the time of testing in 2003. 
Connection of the stiffener beams to the deck panels was 
provided by U-shaped metal brackets and bolts, as seen in 
Fig. 16. 
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Figure 16. Stiffener beam connection to deck panels. 
Overall Structure 
The superstructure was found to be in good to excellent 
condition on all condition evaluations with no significant 
signs of distress or deterioration other than the cupping of 
the two exterior panels and the high moisture readings. 
Some rotation of the guardrails was also noted on all 
inspection reports; the exact source of this rotation is 
unknown. Significant longitudinal cracking in the asphalt 
was found in earlier inspections. Anew lift of asphalt had 
been applied prior to testing in 2003 and showed no signs of 
deterioration at that time. 
The condition of the substructure was found to be severely 
deteriorated for all inspections conducted on this structure. 
Large amounts of spalling were evident on both abutments 
along with scour at the north abutment. The rotation of the 
guardrail post and expansion of the deck panels has led to 
the cracking of the abutments as seen in Fig. 17. In addition, 
moisture ingress is evident on the abutment walls and 
appears to be coming from behind the ends of the 
longitudinal deck panels. 
Figure 17. Guardrail post and abutment connection; 
deterioration of concrete abutment. 
Resu Its 
Data Analysis 
The following presents the results of the load testing of the 
Angelica Creek Bridge. The behavior of the bridge was 
evaluated by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using code equations. 
1996 Panel Deflection Behavior 
In 1996, deflections were only measured along the 
transverse centerline of the bridge at the panel edges. Figure 
18 illustrates the maximum transverse centerline deflection 
of the bridge in 1996 for all four load cases. Maximum 
panel deflection was approximately —0.60 in., —0.70 in., 
—0.60 in., and —0.80 in. for load cases 1 through 4, 
respectively. Deflections were at a maximum at the panels 
immediately under the load, and deflections at the edge of 
the bridge opposite the load truck were negligible for all 
load cases. 
The general shape of the deflected shape suggests some level 
of transverse load distribution from panel to panel. 
Comparing the slope in the deflected shape between 
transducers P 13 and P 14 with that between P7 and P8 in 
load cases 1 and 3, the distribution to the exterior of the 
bridge is just as effective as the distribution across individual 
panels at the interior of the bridge. This is possibly the 
result of the stiffener beams extending the full width of the 
bridge and being attached to the guardrail posts, although 
other factors may be involved as well. Similar levels of load 
distribution are also evident in load cases 3 and 4 near the 
center of the bridge. 
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Figure 18. Maximum midspan panel deflections. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ] suggests limiting maximum panel deflections 
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to L/360. Listed in Table 3 are the n values calculated from 
the maximum measured deflections for the East Main Street 
Bridge in 1996. The n values have been adjusted by total 
truck weight to the HS20-44 design vehicle for comparative 
purposes. 
Table 3. Deflection criteria. 
Load Case Deflection (in.) n Value 
1 -0.60 390 
2 -0.70 334 
3 -0.61 383 
-0.80 292 
Comparing the values of n computed from the measured 
deflections with the deflection criteria of L/360, the 
performance of the bridge is within recommended deflection 
criteria limitations when the load truck is near the 
longitudinal centerline of the bridge. However, when the 
load truck is near the guardrail, the bride does not satisfy the 
recommend deflection criteria. Several factors may cause 
the structure to exceed the recommended deflection criteria. 
The thickness of the deck, changes in support conditions, 
cupping of the exterior deck panels, the moisture content of 
the panels, and stiffener beam connection details may all 
lead to larger deflections. 
The large deflections measured at the exterior panels in load 
cases 3 and 4 may be due to the fact that load may only be 
distributed away from those panels in one direction, thus 
forcing the exterior panel to take a greater percentage of the 
load. For load cases 1 and 3, the difference between the 
specified deflection criteria and those calculated from the n 
values in Table 3 may be attributed to several factors. First, 
the panels may have initially been over-designed to reduce 
deflections or the deflection limit state may not have 
controlled the design. Second, distribution of load to 
adjacent panels may be more significant than assumed in 
design. In addition, the support restraints and other factors 
may be affecting the deflections. 
In design, the wheel load factor (WLF) is often used to 
distribute loads between the deck panels. The WLF is 
computed as follows for bridges designed for two or more 
traffic lanes [ 11 ] 
WLF =  Wp  or Wp whichever is greater 3.75+L/28 5.00' 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per vehicle 
allows for comparison with the WLF. 
average O;
DF; = n 
~~~ =1
Eqn. 1 
Where, 
DF; =distribution factor of the ith panel 
(lanes/panel). 
average ,~; =average of panel is edge deflections. 
~ ~; =sum of all average panel deflections. 
n =number of panels. 
For comparison, the distribution factors that were calculated 
for load case 1 as well as the WLF's calculated using 
guidelines found in [ 11 ]are illustrated in Fig. 19. From Fig. 
19 it is clear that the equation in [ 11 ]used to calculate 
WLF's is conservative for all panels. 
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factors. 
In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and, in particular, the wearing surface. Differential panel 
deflections calculated at midspan varied both in magnitude 
as well as in pattern during the passage of the load truck. 
Figure 20 illustrates the maximum midspan differential 
panel deflections for load case 1 with the load truck moving 
at crawl speed. From Fig. 20 differential panel deflections 
appear to be the least below the load truck and at the edge of 
the bridge opposite the side of the load. The greatest 
differential panel deflections appear to occur approximately 
one or two panels away from the load. 
245 
a.os 
a.115
n 
v 
~ O.a4 
0 
V 
r 
q 0.03 
m 
d 
d a.oz 
A 
O.al 
o.aa 
r. 
1, 
k 
. ~\ 
~.. 
i 3 5 
Panel Joint 
Figure 20. Maximum differential panel deflections at 
midspan. 
The differential deflection versus truck position response 
from joint to joint was variable with a few subtle similarities. 
Figure 21 illustrates the differential panel deflection versus 
load truck position for two panel joints near the load truck 
path and one panel joint away from the load truck path. At 
all three locations the differential deflections cycle up and 
down repeatedly throughout the passage of the truck. In 
addition, in all three graphs a slight increase in the 
magnitude of the deflections is evident at approximately 10 
ft and again at around 25 to 30 ft. This is likely the result of 
the passage of the front and rear axles of the load truck. The 
pattern of differential deflection for panel joints J3, J4, and 
JS are similar to that of J 1, but the magnitudes are slightly 
greater. 
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position. 
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Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. In addition, [13] 
suggests a further reduction in the limit in the presence of an 
asphalt wearing surface. Compared to this limit the 
differential panel deflections do not appear to be significant. 
However, because the amount of reduction applied to the 
recommended limit is based only on user judgment the 
comparison loses all of its significance. On the other hand, 
the condition of the wearing surface provides some insight 
into the significance of these deflections. From the photos 
of the asphalt in 1998, it is evident that longitudinal cracks 
were present. The presence of these cracks is an indication 
that the level of differential panel deflection on the Angelica 
Creek Bridge may be one factor affecting the deterioration 
of the wearing surface. The magnitude of these differential 
deflections, severe or not, may be the result of being 
calculated midway between two stiffener beams. 
Differential deflections may be reduced near the stiffener 
beams; however, this could not be investigated from the 
collected data. 
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2003 Panel Deflection Behavior 
The global deflection behavior of the bridge was consistent 
with what would generally be expected. Deck panels under 
and adjacent to the load deflected the greatest, and deck 
panels away from the load deflected the least. Figure 22 
illustrates the maximum transverse centerline deflection of 
the bridge for all four load cases in 2003. 
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It is evident from Fig. 22 that similar deflections result when 
the load truck is at similar locations but on opposite sides of 
the longitudinal centerline of the bridge. The similarities are 
not only in the pattern but in the magnitude of the 
deflections as well. Maximum panel deflection for load 
cases 1 and 3, where the load truck is near the centerline of 
the bridge, was approximately —0.6 in. Maximum panel 
deflection for load cases 2 and 4, where the load truck is 
near the guardrail, was approximately —0.7 in. to —0.8 in. 
The difference in magnitude from load case 2 to load case 4 
may be the result of the small super-elevation of the bridge. 
In load case 4, with the East side being slightly lower than 
the West side due to the superelevation, the East side may be 
forced to carry a greater percentage of the load than if the 
bridge were in a horizontal position. Other factors such as 
deterioration, variations in support conditions, deck 
thickness, transverse load distribution, and so forth may also 
contribute to the larger deflections. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ] suggests limiting maximum panel deflections 
to L/360. In addition, [ 11 ] suggests consideration of 
differential panel deflection when designing the transverse 
stiffener beams. Listed in Table 4 are the maximum 
measured panel deflections for each load case, as well as the 
n values calculated from those deflections. The n values 
have been adjusted by total truck weight to the HS20-44 
design vehicle for comparative purposes. 
Table 4. Deflection criteria. 
Load Case Deflection (in.) n Value 
1 0.561 417 
2 0.721 324 
3 0.606 386 
0.841 278 
The performance of the bridge varies depending on the 
position of the load. When the load truck is near the 
centerline of the bridge, the deflection of the structure is 
within recommended deflection criteria. However, when the 
load truck is positioned near the guardrail, the deflection of 
the structure does not meet the recommended deflection 
criteria limitations. Several factors may cause the structure 
to exceed the recommended deflection criteria. The 
thickness of the deck, distribution of load from the exterior 
panels is only allowed in one direction resulting in increased 
load applied to that panel, changes in support conditions, 
cupping of the exterior deck panels, which might result in 
larger measured deflections, the moisture content of the 
panels, and stiffener beam connection details may all lead to 
larger deflections. For load cases 1 and 3, the difference 
between the specified deflection criteria and those calculated 
from the n value in Table 4 may be attributed to several 
factors. First, the panels may have initially been over-
designed to reduce deflections or the deflection limit state 
may not have controlled the design. Second, distribution of 
load to adjacent panels may be more significant than 
assumed in design. In addition, the support restraints and 
other factors may be affecting the deflections. 
Also evident in Fig. 22 is the transverse load distribution 
characteristics of the structure. For all load cases, 
deflections recorded at the exterior panels opposite the side 
of the load truck were negligible. In addition, small 
deflections were measured at both edges of the bridge for 
load cases 1 and 3, when the load truck was positioned near 
the longitudinal centerline of the bridge. This suggests that 
the greatest percentage of the load is resisted by the panels 
below and immediately adjacent to the load. The gradual 
decrease in deflection across the bridge does suggest, 
however, some level of transverse load distribution. 
In design, the deflection of one panel is computed as the 
deflection produced by one wheel line of the design vehicle 
(load truck) multiplied by the wheel load factor (WLF). The 
WLF is computed as follows for bridges designed for two or 
more traffic lanes [11]: 
WLF = Wp  or Wp 
3.75+L/28 5.00' whichever is greater 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
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Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per lane allows 
for comparison with the WLF presented in [ 11 ]. 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors that were 
calculated for all load cases as well as the WLF's calculated 
using guidelines found in [ 11 ] are illustrated in Fig. 23. 
From Fig. 23 it is clear that the equation in [ 11 ]used to 
calculate WLF's is conservative for all panels. 
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In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and wearing surface, in particular. Maximum midspan 
differential panel deflections for all four load cases are listed 
in Table 5. From Table 5 it is evident that the maximum 
differential deflection is generally consistent for all load 
cases, except for load case 4, which was approximately 
double for unknown reasons. Differential panel deflections 
near the wheel loads were typically the greatest and those 
furthest from the wheel loads were the least, as would be 
expected. 
Table 5. Maximum differential anel deflections. „a..,e,,.,,,,m 
Differential Panel Deflection (in.) 
LC1 LC2 LC3 
0.033 0.038 0.041 
LC4 
0.070 
Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. Compared to this limit 
the differential panel deflections do not appear to be 
significant. However, because the amount of reduction 
applied to the recommended limit is based only on user 
judgment the comparison loses all of its significance. On the 
other hand, the condition of the wearing surface provides 
some insight into the significance of these deflections. From 
the photos of the asphalt in 1998 and 2000 (not shown), it is 
evident that longitudinal cracks were present in the asphalt 
wearing surface. In addition, the location of the longitudinal 
cracks appears to be consistent with the location of the panel 
joints. Cracks were not evident at the time of testing 
because a new wearing surface had just been applied prior to 
testing. Thus, differential deflection of the panels may be 
one factor affecting the deterioration of the wearing surface. 
Transverse stiffener beams on this type of structure are 
intended to serve two main functions: distribute the load 
transversely from panel to panel and, to some extent, reduce 
the amount of differential deflection between adjacent 
panels. The effectiveness of the stiffener beams to distribute 
load transversely was discussed previously. To investigate 
the effectiveness of the stiffener beams to reduce differential 
panel deflections, the differential deflection along two 
transverse lines of the bridge and the calculated differential 
deflections along panel joint J6 were investigated. 
Comparison of calculated differential deflections along the 
transverse centerline of the bridge with those calculated at 
approximately 3.5 ft north of the transverse centerline 
produced little evidence that the stiffener beams were 
affecting the differential panel deflections. The differential 
deflections adjacent to the stiffener beams as well as midway 
between stiffener beams were inconsistent from location to 
location and were not always smaller adjacent to the 
stiffener beams. Further proof of this is evident in Fig. 24, 
which illustrates the differential deflection along panel joint 
J6 at locations both adjacent to and centered between 
stiffener beams. Lines with open data points represent 
differential deflections midway between two stiffener 
beams; lines with solid data points represent differential 
deflections adjacent to the stiffener beams. 
From Fig. 24 it is evident that the transverse stiffener beams 
have little effect on the differential deflection of the panels. 
In addition, their effect on the differential deflection of the 
panels appears to be random and inconsistent from location 
to location. Typically, however, the magnitudes of the 
differential panel deflections along joint J6 decrease closer 
to the abutment. The ineffectiveness of the stiffener beams 
to reduce the differential panel deflections may be a result of 
several factors. First, the simple attachment of the beams to 
the panels with lag screws and washers on either side of each 
panel joint may be insufficient. Second, any expansion and 
contraction of either the panels, or the beams, may loosen 
the connection between the two resulting in increased 
differential deflections. Third, the gap evident between the 
longitudinal panels and the stiffener beams and the cupping 
of the panels may influence the magnitude of the differential 
deflections. In addition, other factors may be affecting the 
varied levels of differential panel deflections. 
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Figure 24. Differential panel deflections adjacent to and midway between transverse stiffener beams along joint J6. 
Discussion and Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. From the inspection report obtained in 1998 and 
2000 along with the inspection conducted in 2003 at the time 
of testing, the structure was found to be in average condition 
overall. Severe cracking and spalling of the concrete 
abutment walls was noted in all inspections. Large amounts 
of spalling were found on the face of the abutment walls and 
significant cracking was found at the corners of the abutment 
walls where the guardrail posts have been attached. Figure 
17, which illustrates the cracking found on the abutment 
wall at the attachment of the guardrail post, is repeated 
below in Fig. 26. Along the north abutment, large amounts 
of erosion and scour were also noted for all inspections. 
Figure 25. Guardrail post-abutment connection; 
deterioration o1' concrete abutment. 
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The longitudinal deck panels were found to be in good 
condition for all inspections listed herein. No signs of 
distress, cracking, or rotation at the supports were found. 
Panel joints were visible, with signs of moisture and tar 
ingress between the panels due to the cracks in the asphalt 
wearing surface in previous years. Moisture readings taken 
at the time of testing in 2003 found that the edges of the 
panels were typically at or above 30 percent, and the center 
of the panels was typically in the teens. This is possibly due 
to the ingress of moisture, again the result of the cracked 
asphalt. The only other problem area found was the cupping 
of the exterior panels. This cupping was documented in both 
inspection reports obtained from the NYS DOT as well as 
during visual inspection at the time of testing in 2003. 
Figure 26 illustrates the extent of the cupping in the exterior 
panels on the Angelica Creek Bridge. 
Figure 26. Cupped exterior panel during 2003 testing. 
00 
-0 Z 
-0 3 
5 
~ -o a 0 .V
:; -0 $ w 
A 
-0.6 
-o 
-0 c2
-0 9 
2 4 r; 8 
~: 
10 
~ ,r~ ' , ,,~-, 
14 1 
~ f ,,,r~" 
~~ 
.,' 
~. 
~ 
w 
~ ~ 
S 
-~- is i -zoo3 
--LC]-1' ~_~ 
1'raiuducer N~miber 
a. Load case 1. 
No curbs were present on the structure and the guardrails 
were, for the most part, in good condition. Gaps were found 
at the connection of the guardrail posts and the stiffener 
beams and the guardrail have been rotated outward slightly. 
The gaps and the rotation of the guardrail are believed to be 
the result of expansion of the panels due to increased 
moisture content and the cupping of the exterior panels. 
In 1998 and 2000, the asphalt wearing surface was in poor 
condition with significant longitudinal cracks found over 
four of the panel joints on the structure. In the months prior 
to testing in 2003, a new lift of asphalt had been placed on 
the bridge and approaches. At the time of testing, no cracks, 
longitudinal or otherwise, were evident. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Four load cases were 
investigated for this bridge. 
The deflection performance of the Angelica Creek Bridge 
was found to vary with regard to current design specification 
limitations for deflection and load distribution. Figure 27 
illustrates the maximum midspan panel deflections for all 
four load cases from both the 1996 and 2003 tests. 
Deflections from the 1996 test were adjusted by total truck 
weight to the 2003 test truck for comparative purposes. The 
difference between the 1996 and 2003 deflection data varies 
from load case to load case. The difference between the two 
sets of data varies from approximately 2 to 10 percent from 
location to location. The variance in the two sets of data 
could be from any number of different factors including: 
deterioration, slight discrepancies in the position of the load, 
variances in load truck configuration, changes in support 
conditions, cupping of the panels, as well as other factors. 
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Figure 27. Maximum midspan deflection, 1996 & 2003. 
Transverse load distribution is generally unchanged, as is 
evident in Fig. 28, which is representative of all load cases. 
Table 6 lists the recommended deflection limitations for this 
type of structure as well as those calculated from the 
maximum measured deflections from both the 1996 and 
2003 tests. The calculated n values were adjusted by total 
truck weight to the HS20-44 design vehicle for comparison 
purposes. 
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fable 6. Coditied and calculated n values for deflection 
criteria. 
n-value 
1996 Results 2003 Results 
LC 1 390 417 
LC 2 334 324 
LC 3 383 386 
LC 4 292 278 
Recommended 360 
From Table 6 it is evident that the deflection performance of 
the bridge according to the limitations suggested by [ 11 ] 
varies from load case to load case. Comparing the two sets 
of n values calculated from measured data, a similar pattern 
is evident for both 1996 and 2003. In both years, the load 
cases involving the load truck toward the longitudinal 
Load case 4. 
centerline of the bridge was within recommended deflection 
criteria limitations; load cases involving the load truck 
toward the curbs are not within recommended deflection 
criteria limitations. Several factors that may cause the 
structure to exceed the recommended deflection criteria 
include: 
The thickness of the deck 
Distribution of load from the exterior panels is only 
allowed in one direction resulting in increased load 
applied to that panel 
Changes in support conditions 
Cupping of the exterior deck panels, which might 
result in larger measured deflections 
Changes in the moisture content of the panels 
Stiffener beam connection details 
In addition to global panel deflection, differential panel 
deflections were calculated for evaluation. Maximum 
differential deflection for all load cases was less than 
approximately 0.05 in. and 0.07 in. in 1996 and 2003, 
respectively. These calculated deflections seem relatively 
insignificant compared to the 0.1 in. limit. Reducing this 
limit due to the presence of an asphalt wearing surface as 
suggested, may or may not make these deflection significant. 
However, judging by the longitudinal cracks present in the 
wearing surface on the Angelica Creek Bridge, differential 
deflections may be a factor affecting the deterioration of the 
wearing surface of this bridge. 
Differential deflection behavior of the panels relative to the 
position of the transverse stiffener beams is also of particular 
interest. Stiffener beams are designed to distribute loads 
transversely from panel to panel in addition to reducing 
differential deflections between adjacent panels. Differential 
deflections were calculated at several locations along one 
panel joint, including adjacent to each side of several 
stiffener beams and midway between stiffener beams. 
Independent of load position, there was no noticeable pattern 
found in the differential deflections to suggest that the 
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stiffener beams decrease the magnitude of differential 
deflections. 
Some level of transverse load distribution was found based 
on the calculated distribution factors and transverse 
deflection of the bridge. Additionally, as seen in Fig. 28, the 
calculated transverse load distribution in the Angelica Creek 
Bridge was found to be more similar to that of a girder type 
structure. Figure 28 also suggests that the design load for 
individual longitudinal deck panels (WLF), in the case of the 
Angelica Creek Bridge, is approximately one and a half 
times as much as an individual panel carries for the given 
loading. 
In conclusion, from the collected data the performance of the 
structure appears to be dependant on load position. The 
structure is within recommended limits when the load is near 
the longitudinal centerline of the structure and exceeds 
recommended limits when positioned towards the edge of 
the structure. In addition, differential deflections appear to 
be one factor affecting the condition of the asphalt wearing 
surface. However, other factors unknown at this time may 
also be contributing to the deterioration of the wearing 
surface. 
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APPENDIX A 
General 
Name: Angelica Creek Bridge 
Location 
State: New York 
County: Allegany 
Highway: County Road 43 
Feature Crossed: Angelica Creek 
Date Constructed: 1982 
Owner: Allegany Department of Public Works 
Date Tested: July, 2003 
Testing Organization/Crew: ISU: TW, BP, DW 
Bridge Composition 
INFORMATION SHEET 
Design Configuration 
Structure Type: Longitudinal Glued-laminated Panel 
Bridge 
.Total Length (out-out): 22 ft — 6 in. 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearing): 20 ft — 1 in. 
Width (out-out): 29 ft — 1 in. 
Width (curb-curb): 29 ft — 1 in. 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade/S ecies p Size S mbol y 
Preservative 
Treatment 
Deck Panels Glulam Douglas Fir / Western Larch 4' 2" x 9" N/A N/A 
Stiffener 
Beams Timber N/A 
6.75" x 
8.75" N/A N/A 
Diaphragms N/A N/A N/A N/A N/A 
Abutments Steel Sheet 
Pile N/A N/A N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: Asphalt 
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LIVE LOAD DEFLECTION OF TIMBER BRIDGES 
BOLIVAR GLUED-LAMINATED PANEL BRIDGE 
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Abstract Contents 
The Bolivar Bridge was originally constructed in 1991 near 
the town of Bolivar in southwest New York State. The 
current structure is a longitudinal glued-laminated timber 
panel bridge with a 29 ft — 8 in. length and a 26 ft — 1 in. 
width. This two-lane bridge consists of six longitudinal 
glued-laminated panels, three transverse stiffener beams 
every one-fourth of the span and an asphalt wearing surface. 
The performance of this bridge under static loading is the 
focus of this report. Testing involved the collection of 
deflection data under controlled loading, as well as 
comprehensive visual inspections conducted to assess the 
overall bridge condition. The combination of the live load 
deflection data and general condition of the bridge were used 
to relate deterioration of the wearing surface and 
superstructure to traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood m 
Transportation (NWIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the eleventh in a series aimed at collecting, 
analyzing, developing, and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Bolivar Bridge including testing procedures 
and performance of the bridge under static loading. The 
Bolivar Bridge is a two-lane, simple-span, longitudinal 
glued-laminated panel bridge near the town of Bolivar, NY 
with a clear span distance of 27 ft — 8 in. (See Table 1 for 
metric conversion factors.) 
Table 1 —Factors for converting English units of 
measurement to SI units
Conversion 
Factor SI Unit English 
inch (in.) 
foot (ft) 
foot' 
pound (lb) 
lb/in`' (stress) 
lb/ft` (weight) 
25.4 
0.3048 
0.09 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram/meter2 (kg/m' 
Objective and Scope 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related. to deflection criteria to be used on 
similar longitudinal glued-laminated panel bridges. 
Background 
Several bridges in Allegany County, New York that satisfied 
the overall needs of the project were identified and selected 
for testing. Figure 1 shows Allegany County and the 
location of the Bolivar Bridge included in this report as well 
as other bridges tested in the area and included in companion 
reports. 
The Bolivar Bridge carries Salt Rising Road over Little 
Genesee Creek and is located near the town of Bolivar in 
southwest New York State in Allegany County. Elevation 
and end view photographs of the bridge are shown in Fig. 2. 
2s7 
Salt Rising Road carries a medium traffic volume and the 
bridge is surrounded mainly by residential and agricultural 
properties. The bridge, excluding the wearing surface, exists 
today as was originally constructed in 1991, and was 
initially tested by Iowa State University in 1996. In order to 
develop atime-history deflection behavior for the structure, 
the data collected in 1996 are included herein with that 
collected in 2003. 
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Figure 2. Bolivar Bridge, Bolivar, NY. 
Bridge Description 
The Bolivar Bridge is a two-lane, simple-span longitudinal 
glued-laminated panel bridge with a span of 28 ft — 8 in. 
measured from center-to-center of supports, as illustrated in 
Fig 3. The bridge has a roadway width, measured between 
the curbs, of 24 ft — 8 in., and zero degrees of skew, as also 
illustrated in Fig. 3. The out-to-out length of the bridge, 
measured from panel end to panel end, is 29 ft — 8 in. and 
the out-to-out deck width is 26 ft — 1 in. The supporting 
substructure consists of sheet pile abutments with C-channel 
abutment caps and nominal 2 in. x 10 in. timber bearing 
seats. 
Spanning between the sheet pile abutments are six 15 in. x 
4 ft — 4 in. glued-laminated panels. The 29 ft — 8 in. long 
panels are supported on either end by a 2 in. x 10 in. 
dimension timber on C-channel abutment caps. At both 
abutments, steel angles and through bolts provide anchorage 
for the panels to the abutment walls. Nomina16.75 in. x 4.5 
in. transverse stiffener beams are located every one-fourth of 
the span. Attachment of the stiffener beams to the deck 
panels is accomplished by means of lag screws and washers. 
Asphalt provides the wearing surface for the bridge, as 
shown in Fig. 4, and the curbs on the Bolivar Bridge are 
composed of glued-laminated timbers with scuppers cut out 
between the rail posts, as shown in Fig. 4. The guardrails 
are composed of solid timber posts, spaced 6 ft — 3 in. apart, 
and a combination of glued-laminated timber and thrie beam 
rails. Support for the guardrail is provided by bolts through 
the curb into the exterior panels. 
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a. Asphalt wearing surface. 
b. Curb and guardrail. 
Figure 4. Bolivar Bridge. 
Evaluation Methodology 
Deck deflections were recorded at critical locations with the 
use of an Optim Megadac data acquisition system (DAS), a 
Dell laptop computer running TCS software for 
communication with the Megadac, and ratiometric 
displacement transducers. 
Using the global deflection data collected, differential 
deflections could be calculated. A large differential 
deflection between adjacent deck panel edges has been 
known to cause cracking or other damage to the wearing 
surface, allowing moisture ingress through the wearing 
surface to the deck and transverse stiffener beams below 
resulting in further deterioration of the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
deck panels. Transducers were positioned directly under the 
eyehooks and connected via non-stretch piano wire and s-
hooks. The transducers were attached to a length of 2 x 12 
in. lumber and elevated above the river/stream using tripods. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 6. The first row of 
transducers, located at midspan, consisted of transducers 
positioned on the underside of the deck panels near each 
panel edge along the east edge of the center stiffener beam. 
A second transverse row, located approximately 3.5 ft west 
of midspan and centered between two stiffener beams, 
consisted of transducers on panel joints J3 through JS only. 
In addition, transducers were installed on panel joint J5, 
from midspan west to the abutment on either side of each 
transverse stiffener beam and midway between stiffener 
beams. In 1996, transducers were placed along the 
transverse centerline of the bridge at the panel edges as well 
as on panel joints J4 and JS approximately 3.5 ft west of 
midspan. 
Figure 5. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Allegany County 
Public Works Department. Figures 7 and 8 show the load 
truck dimensions, axle weights, and the load truck used for 
testing in 2003. The total weight of this truck was 69,820 
lbs, with front and rear axle weights of 17,7801bs, 26,020 
lbs., and 26,020 lbs, respectively. The rear wheelbase for 
the load truck was 6 ft, the rear axle spacing was 4 ft - 5 in. 
from center-to-center, and from the forward most rear axle 
to the front axle measured 13 ft - 5 in. 
Two load trucks were used for testing in 1996. .Load truck 
12 had a total weight of 71,9801bs, with front and rear axle 
weights of 18,360 lbs, 26,8101bs, and 26,8101bs. Load 
truck 18 had a total weight of 68,840 lbs, with front and rear 
axle weights of 17,0401bs, 25,9001bs, and 25,900 lbs. The 
rear axle spacing for the two trucks was 4 ft — 5 in., and the 
spacing between the front tandem and the front axle was 15 
ft — 2 in. 
Selection of truck position for the four load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The same four load cases were 
investigated in 2003 as were in 1996 and are illustrated in 
Fig. 9. In 1996, all four load cases were investigated with 
one load truck positioned statically (i.e., not moving) on the 
structure; load truck 18 was used for load cases 1 and 2, and 
load truck 12 was used for load cases 3 and 4. In addition, 
load case 1 was investigated with load truck 18 moving at a 
crawl speed. 
In 2003, all load cases were investigated with the load truck 
moving at crawl speed across the bridge. For the first load 
case, the truck was driven east with the centerline of the left 
wheel line offset 2 ft from the longitudinal centerline of the 
bridge. The second load case involved the load truck driving 
east with the right wheel line offset 2 ft from the edge of the 
curb. The third load case involved the load truck driving 
east with the right wheel line offset 2 ft from the longitudinal 
centerline of the bridge. The last load case involved the load 
truck driving east with the left wheel line offset 2 ft from the 
curb. 
26,0201b. 26,020 lb. 
4' -5"  13' -5" 
17,7801b. 
Figure 7. Vehicle configuration and axle loads, 2003. 
Figure 8. Test truck for Bolivar Bridge. 
~~ 
ff 
s~ r} ~~ ~~~ 
--~~~ ~= ~~I , =~~ L 
-~ 3'-1" +~ 
3'-1" 
20' 
LOAD CASE 1-1996 & 2003 
20' 
 ~ 3'-1" 
LOAD CASE 2-1996 & 2003 
f. ~r 
~. 
20' 
LOAD CASE 3-1996 & 2003 
~4'-5"-ii 
~~r 
3'-1" 
3'-1" 
=~~!
3'-1" 
~. 
20' ~ 3'-1" 
LOAD CASE 4-1996 & 2003 
f 
f 
Figure 9. Transverse load positions for the Bolivar 
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Condition Assessment 
An inspection report from 2000 completed by the New York 
State Department of Transportation (NYS DOT)was 
obtained and reviewed for comparison with the results of an 
inspection conducted at the time of testing in 2003. These 
assessments involved visual inspections and measurements 
as well as photographic documentation of the bridge 
condition. Specific items of interest included the condition 
of the wearing surface, deck panels, and the overall 
condition of the structure. 
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Wearing Surface 
The inspection report provided by the NYS DOT, completed 
in 2000, rated the asphalt wearing surface as a 4 on the 
National Bridge Inventory scale. Figure 10 shows the 
condition of the wearing surface in 2000 as shown in the 
inspection report. Several full and partial length longitudinal 
cracks as well as partial width transverse cracks were noted. 
Figure 11 illustrates the settlement of the east approach slab 
as document in the 2000 inspection report. 
Figure 10. Asphalt wearing surface, 2000. 
Figure 11. Settlement of east approach slab, 2000. 
Figure 12 shows the condition of the asphalt wearing surface 
at the time of testing in 2003. Inspection of the wearing 
surface by the testing team from Iowa State University prior 
to field-testing found similar levels of cracking in the new 
layer of asphalt on the bridge, which was placed sometime 
between 2000 and 2003. Partial and full-length longitudinal 
cracks, partial transverse cracks on the deck, as well as 
significant transverse cracks extending from curb to curb at 
each abutment were noted during the inspection. Some of 
the cracks and potholes had been filled with hot mix for 
temporary remediation. 
a. V~`earing surface looking from west to east. 
b. Transverse cracking above east abutment. 
Figure 12. Asphalt wearing surface, 2003. 
Longitudinal Deck Panels 
The longitudinal, glued-laminated deck panels were 
observed to be in satisfactory condition for all inspections 
completed on this bridge. However, splitting and crushing 
were evident on the underside of the deck panels in several 
locations. Figure 13 illustrates some locations of splitting 
and crushing found in the deck panels on the Bolivar Bridge. 
Splitting of the deck panels in the longitudinal direction 
varied in length from the full length of the bridge to several 
inches in length. The most significant longitudinal split was 
located on panel P 1 approximately 3 — 4 in. past the end of 
the transverse stiffener beams, as shown in Fig. 13. 
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a. Full-tenth longitudinal split in exterior deck panel. 
c. Rotation of support restraint due to panel expansion. 
e. Crushing of exterior panel against sheet pile due to 
transverse panel expansion. 
Figure 13. Checking, splitting and crushing of deck panels on the Bolivar Bridge. 
b. Splitting of deck panel. 
d. Restraint rotation and subsequent splitting of panels. 
f. Crushing of bottom of deck panel at support. 
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The most significant deterioration of the deck panels was 
evident at the abutments. The deck panels are attached to 
the abutment caps intermediately across the width of the 
bridge via sections of steel angle and bolts. All of the deck 
connections to the abutment have been rotated and 
subsequently, the deck has been cracked in several locations. 
This rotation is believed to be the result of expansion of the 
deck panels due to increased moisture content after 
installation. Moisture readings were taken on the underside 
of the deck at various locations by means of an Elmhurst 
Moisture Meter with a 2-in. pin. Moisture readings along 
the longitudinal centerline of the bridge were approximately 
28 — 30+%. Moisture readings near the south edge of the 
bridge were all approximately 18 — 25%. 
In addition, this transverse expansion of the deck panels is 
believed to be the cause of the crushing evident at the ends 
of the panels at the south abutment. The sheet pile abutment 
walls extend up alongside the edges of the exterior deck 
panels. As the panels have expanded, the exterior panel 
facia has been crushed against the edge of the sheet pile 
abutment wall, as shown in Fig. 13. 
Panel joints were generally not tight and easily 
distinguishable. The gap between adjacent panels varied 
from negligible to approximately 0.5 in., as shown in Fig. 
14. Similarly, gaps were evident between the underside of 
the deck panels and the top of the transverse stiffener beams, 
as shown in Fig. 15. This gap also varied from negligible to 
approximately 0.25 in. is dimension. The gap appeared to be 
generally consistent across the full width of the panel 
Figure 14. Measurement of gap between deck panels. 
Figure 15. Gap between panels and stiffener beam. 
Transverse Stiffener Beams 
For all inspections conducted on this structure, the transverse 
stiffener beams were found to be in good condition overall. 
As previously mentioned, gaps were evident in 2003 
between the stiffener beams and the deck panels. The exact 
cause of this is unknown, although some debris was 
noticeable between the panels and stiffener beams, which 
may be one possible explanation for the gap. Localized 
crushing was also evident on the stiffener beams around the 
lag screws attaching the stiffener beams to the deck panels, 
as shown in Fig. 16. This may be attributed to the expansion 
of the deck panels and/or the accumulation of debris 
between the deck and stiffener beams. 
Figure 16. Crushing of stiffener beam around lag screw. 
Overall Structure 
Overall, the structure was found to be in average condition 
for all condition evaluations. Signs of deterioration were 
evident in the asphalt wearing surface, deck panels, and 
stiffener beams and the asphalt approach sections showed 
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evidence of deterioration as well. The abutment walls and 
seats were found to be in good condition for all inspections. 
However, rust was evident on the sheet pile abutments at one 
or two locations in the proximity of the bearing seats. 
Resu Its 
Data Analysis 
The following presents the results of the load testing of the 
Bolivar Bridge. The behavior of the bridge was evaluated 
by reviewing relative differential deflections, total 
deflections, and comparing experimental values with 
empirical values calculated using code equations. 
1996 Panel Deflection Behavior 
Figure 17 illustrates the maximum transverse centerline 
deflection of the bridge in 1996 for all four load cases. 
Maximum panel deflections were approximately —0.55 in. 
for all load cases. Deflections were at a maximum at the 
panels immediately under the load truck and decreased to 
nearly zero at the exterior edge of the bridge opposite the 
load truck. The relatively large decrease in deflection from 
transducers P 1 to P2 and P 11 to P 12 in Fig. 17 for all load 
cases may be the result of additional stiffness provided by 
the large curb sections at each edge of the bridge. In 
addition, decreased transverse load distribution due to the 
termination of the transverse stiffener beams prior to the 
edge of the bridge may be a factor. 
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Figure 17. Maximum midspan panel deflections. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ] suggests limiting maximum panel deflections 
to L/360. Listed in Table 2 are the n values calculated from 
the maximum measured deflections for the Bolivar Bridge in 
1996. The n values have been adjusted by total truck weight 
to the HS20-44 design vehicle for comparative purposes. 
Table 2. Deflection criteria. 
Load Case Deflection (in. n Value 
1 -0.547 589 
2 -0.547 589 
3 -0.524 614 
4 -0.563 572 
The performance of the bridge is within recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The difference between the 
specified deflection criteria and those calculated from the n 
values in Table 2 may be attributed to several factors. First, 
the panels may have initially been over-designed to reduce 
deflections or the deflection limit state may not have 
controlled the design. In addition, as mentioned previously, 
the level of transverse load distribution and large curbs may 
be a factor. 
In design, the wheel load factor (WLF) is often used to 
distribute loads between the deck panels. The WLF is 
computed as follows for bridges designed for two or more 
traffic lanes [ 11 ] 
WLF =  Wp  or Wp whichever is greater 3.75+L/28 5.00' 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per vehicle 
allows for comparison with the WLF. 
average O ; 
DF; = n 
i 
i=1 
Eqn. 1 
Where, 
DF; =distribution factor of the ith panel 
(lanes/panel). 
average ~; =average of panel is edge deflections. 
= sum of all average panel deflections. 
= number of panels. 
~, 
J~i
n 
From Eqn. 1, distribution factors were calculated for all four 
load cases and are illustrated in Fig. 18 with the WLF's 
calculated using guidelines found in [11]. From Fig. 18 it is 
clear that the equation in [11] used to calculate WLF's is 
conservative for all panels. 
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In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and wearing surface, in particular. Differential panel 
deflections calculated at midspan varied both in magnitude 
as well as in pattern during the passage of the load truck. 
Figure 19 illustrates the maximum midspan differential 
panel deflections for load case 1. The pattern of differential 
deflections shown in Fig. 19 is not what would typically be 
expected for the given load case. Typically, the differential 
deflection of the panel joint between wheel lines, joint J4 for 
this case, would be less than the adjacent panel joints, J3 and 
J5. However, just the opposite is the case. 
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Figure 19. Maximum differential panel deflections at 
midspan, load case 1. 
Differential deflections near the load varied from joint to 
joint. Figures 20 and 21 illustrate the differential deflection 
at two locations along panel joint J4 and two locations along 
panel joint J5, respectively. At joint J4, differential 
deflections were the greatest at midspan, whereas at joint J5, 
differential deflections were the greatest midway between 
stiffener beams. These two graphs provide conflicting 
evidence of the effectiveness of the transverse stiffener 
beams to reduce differential deflections. 
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Figure 20. Joint J4, differential deflection comparison. 
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Figure 21. Joint J5, differential deflection comparison. 
Listed in Table 3 are the maximum differential panel 
deflections for all locations instrumented. Currently, there 
are only two methods of evaluating the significance of 
differential panel deflections: the differential panel 
deflection limit of 0.1 in. recommended by [13], and the 
condition of the wearing surface. In addition, [ 13] suggests 
a further reduction in the limit in the presence of an asphalt 
wearing surface. Compared to this limit the differential 
panel deflections do not appear to be significant. However, 
because the amount of reduction applied to the 
recommended limit is based only on user judgment the 
comparison loses all of its significance. On the other hand, 
the condition of the wearing surface provides some insight 
into the significance of these deflections. From the photos 
of the asphalt in 2000, it is evident that longitudinal cracks 
were present. The presence and severity of these cracks is 
an indication that the level of differential panel deflection on 
the Bolivar Bridge may be one factor affecting the 
deterioration of the wearing surface. 
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Table 3. Maximum differential panel deflections, LC1. 
Location Joint Deflection 
Midspan 
1 0.012 
2 0.021 
3 0.022 
4 0.047 
_5 0.031 
3.5 ft West of Midspan 4 0.020 
5 0.041 
2003 Pane! Deflection Behavior 
Regardless of load truck position, the global deflection 
behavior of the bridge was consistent with what would 
generally be expected. Deck panels under and adjacent to 
the load deflected the greatest, and deck panels away from 
the load deflected the least. Figure 22 illustrates the 
maximum transverse centerline deflection of the bridge in 
2003 for all four load cases. 
Trunsetrernr "~txxt'e~». 
Figure 22. Maximum midspan panel deflections for all 
four load cases. 
Similar deflections result when the load truck is at similar 
locations but on opposite sides of the longitudinal centerline 
of the bridge, as shown Fig. 22. The similarities are not only 
in the pattern but in the magnitude of the deflections as well. 
Maximum panel deflection for all four load cases was 
approximately -0.50 in. 
Also evident in Fig. 22 is the transverse load distribution 
characteristics of the structure. The gradual decrease in 
deflection across the bridge does suggest, however, some 
level of transverse load distribution. For all load cases, 
deflections recorded at the exterior panels opposite the side 
of the load truck were negligible. In addition, small 
deflections were measured at both edges of the bridge for 
load cases 1 and 3, when the load truck was positioned near 
the longitudinal centerline of the bridge. This suggests that 
the greatest percentage of the load is resisted by the panels 
below and immediately adjacent to the load. The small 
deflections measured at the edges of the bridge may be the 
result of added stiffness from the large curb sections and/or 
decreased load distribution to the last panel due to the 
termination of the transverse stiffeners before the edge of the 
bridge. This would explain the large difference in deflection 
between the two transducers on the exterior panels, 
transducers P 1 l and P 12 for example. However, the exact 
cause and extent to which these two factors are affecting the 
deflections is unknown. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ]suggests limiting maximum panel deflections 
to L/360. In addition, [ 11 ] suggests consideration of 
differential panel deflection when designing the transverse 
stiffener beams. Listed in Table 4 are the maximum 
measured panel deflections for each load case, as well as the 
n values calculated from those deflections. The n values 
have been adjusted by total truck weight to the HS20-44 
design vehicle for comparative purposes. 
Table 4. Deflection criteria. 
Load Case Deflection (in.) n Value 
1 0.491 656 
2 0.481 670 
3 0.507 635 
0.519 620 
The performance of the bridge is within recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The difference between the 
specified deflection criteria and those calculated from the n 
values in Table 4 may be attributed to several factors. First, 
the panels may have initially been over-designed to reduce 
deflections or the deflection limit state may not have 
controlled the design. In addition, as mentioned previously, 
the level of transverse load distribution and large curbs may 
be a factor. 
In design, the deflection of one panel is computed as the 
deflection produced by one wheel line of the design vehicle 
(load truck) multiplied by the wheel load factor (WLF). The 
WLF is computed as follows for bridges designed for two or 
more traffic lanes [11]: 
WLF =  Wp  or  Wp whichever is greater 3.75+L/28 5.00' 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
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these distribution factors by two wheel lines per lane allows 
for comparison with the WLF. 
For comparison, the distribution factors that were calculated 
for all load cases as well as the WLF's calculated using 
guidelines found in [ 11 ] are illustrated in Fig. 23. From Fig. 
23 it is clear that the equation in [ 11 ]used to calculate 
WLF's is conservative for all panels. 
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Figure 23. Experimental and codified distribution 
factors. 
In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
Q03~ 
0.030 
.. 
.5 0.025 
0 
J 
d 0.020 
b. 
A 
0.01= 
~i 
F 
~ 0.010 
A 
0 ou_~ 
rr 
1i 
6' 
~~ 
7 
i, 
o aoo  
c. 2 3 
Panel Joint. 
a. LC 1. 
4 
and, in particular, the wearing surface. Maximum midspan 
differential panel deflections for all four load cases are listed 
in Table 5. From Table 5 it is evident that the maximum 
differential deflection is generally consistent for all load 
cases, except for load case 3, which was approximately half 
for unknown reasons. 
Table 5. Maximum differential panel deflections. . . 
Differential Panel Deflection (in.) 
LC1 LC2 LC3 
0.029 0.024 
LC4 
0.011 0.022 
Figure 24 illustrates the maximum differential panel 
deflections at midspan for all four load cases. Figure 24 
shows that the pattern of differential deflections was 
inconsistent and unpredictable from load case to load case. 
The largest differential deflections did not always occur 
adjacent to the load truck, nor did the smallest always occur 
under the load truck as would be expected. Possible factors 
influencing this fluctuation in differential panel deflection 
behavior include: the large curb sections present on the 
structure, the number, size, and location of termination of 
the transverse stiffener beams, possible deterioration of the 
deck panels, as well as other factors. 
0 03U 
0 02` 
.. 
a L 
a 0 020 
V 
q 0.01 
r 
Y 
y 0.010 
5 
Q 
~~ oo~ 
0 07a 
~ 
6'  
f
L * 
~! '~. 
/ ~~ 
I. .` 
•` I '
i 
/~ 
J, ~~~._ ~i 
~ `~~~ 
f 
r' 
0 1 4 
Panel Joint. 
b. LC 2. 
2~0 
O r,l„
0.010 
5 
~ 0.008 
a+ 
V 
A O aaG 
m 
C d 
`' O UC~3 d '.~̀ 
A 
o.oa2 
o.aao 
6' 
f 
G 1 ~ s 4 
6.025 
a u2o 
,,. 
V 
C 
0.015 
d 
d 
Q 
~ ©.010 
c. v 
5 
A 
0.005 
O GGO 
~~ - f, ~ 
R 
~~ ~~ 
1 
l 
,`\ ~``, 
\,`~ 
.,.~ 
.~,, 
G 1 3 4 
Panel Join. Panel Joint. 
c. LC 3. d. LC 4. 
Figure 24. Maximum midspan differential panel deflections, Bolivar Bridge. 
Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. Compared to this limit 
the differential panel deflections do not appear to be 
significant. However, because the amount of reduction 
applied to the recommended limit is based only on user 
judgment the comparison loses all of its significance. On the 
other hand, the condition of the wearing surface provides 
some insight into the significance of these deflections. From 
the photos of the asphalt in 2000 and 2003, it is evident that 
longitudinal cracks were present in the asphalt wearing 
surface. The presence of these longitudinal cracks in 2000 
and the reoccurrence of the cracks in the new asphalt placed 
between 2000 and 2003 suggests that the differential panel 
deflections may be a factor affecting the condition of the 
wearing surface. 
Transverse stiffener beams on this type of structure are 
intended to serve two main functions: distribute the load 
transversely from panel to panel and, to some extent, reduce 
the amount of differential deflection between adjacent 
panels. The effectiveness of the stiffener beams to distribute 
load transversely was discussed previously along with a 
brief discussion of their differential deflection reduction 
capabilities. To further investigate the effectiveness of the 
stiffener beams to reduce differential panel deflections, the 
differential deflection along two transverse lines of the 
bridge and the calculated differential deflections along panel 
joint JS were investigated. 
J 
Comparison of calculated differential deflections along the 
transverse centerline of the bridge with those calculated at 
approximately 3.5 ft west of the transverse centerline 
produced little evidence that the stiffener beams were 
affecting the differential panel deflections. The differential 
deflections adjacent to the stiffener beams as well as midway 
between stiffener beams were inconsistent from location to 
location and were not always smaller adjacent to the 
stiffener beams. Further proof of this is evident in Fig. 25, 
which illustrates the differential deflection along panel joint 
JS at locations both adjacent to and centered between the 
stiffener beams. Lines with open data points represent 
differential deflections midway between two stiffener 
beams; lines with solid data points represent differential 
deflections adjacent to the stiffener beams. 
From Fig. 25 it is evident that the transverse stiffener beams 
have little effect on the differential deflection of the panels. 
In addition, their effect on the differential deflection of the 
panels appears to be arbitrary and unpredictable from 
location to location. The ineffectiveness of the stiffener 
beams to reduce the differential panel deflections may be a 
result of several factors. First, the attachment of the beams 
to the panels with lag screws and washers on either side of 
each panel joint may be insufficient. Second, expansion and 
contraction of either the panels, or the beams, may loosen 
the connection between the two resulting in increased 
differential deflections. In addition, other factors may be 
affecting the varied levels of differential panel deflections. 
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Discussion and Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports were collected from 
inspections performed in the past for review and comparison 
with results from the inspection conducted concurrent with 
testing. From the inspection report obtained from 2000 and 
the inspection conducted in 2003 at the time of testing the 
structure was found to be in good condition overall. For 
both bridge inspections, minor crushing was evident on 
some of the stiffener beams around the lag screws and 
washers used to attach them to the panels. Gaps were also 
evident between the deck panels and the stiffener beams at 
all locations. 
The deck panels were found to be in average condition for 
both inspections. Full and partial length splits in the glued-
laminated deck panels were evident under the bridge. The 
full-length splits were found between the edge of the bridge 
and the termination of the transverse stiffener beams. 
Smaller splits were located at various locations on the 
underside of the deck panels. Rotation of the panel support 
restraints at the abutments was found at both ends of the 
50 
structure. Expansion of the panels due to increased moisture 
content is believed to be the controlling factor. This 
displacement and subsequent rotation has resulted in cracks 
in the panels. In addition, the expansion of the deck panels 
has also resulted in crushing along the side of the exterior 
panels on the south side of the structure. Some localized 
crushing at the bearing of the panels is also evident at a 
couple locations. Gaps were found between the panels 
varying in width from a fraction to 0.5 in. 
The curbs, guardrails, and abutments were in good 
condition. In 2000, significant longitudinal cracking and 
minor transverse cracking were evident in the wearing 
surface. New asphalt was placed on the structure between 
2000 and 2003 and longitudinal and minor transverse cracks 
have reflected through the new layer. The approach sections 
were also significantly cracked with large transverse cracks 
and potholes along the abutments. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Four load cases were 
investigated for this bridge. 
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The deflection performance of the Bolivar Bridge was found 
to be within current design specification limitations for 
deflection and load distribution. Figure 26 illustrates the 
maximum midspan panel deflections for all four load cases 
from both the 1996 and 2003 tests. Deflections measured in 
1996 were adjusted by total truck weight to the 2003 test 
00 
-0 1 
-02 
,. 
.5 .. 
C 
~ -0 
ti
A 
-G 4 
-0 5 
-0 6 
-0.2 
5 ., 
~i 
-03 
d 
c;m 
A 
-G.4 
-G5 
0 ~~—Jr 4 6 h ]0 12 1 
~-~---~~:  tLC22003 
Y'
_ LC219G6 
Transducer Number 
a. Load case 1. 
r— + 
I 
1 
~~
+LC3 2003 
-~.. Ll~3 1co~ 
4 
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in global deflection is evident from 1996 to 2003 of 
approximately 1 to 8 percent, although the pattern of panel 
deflections transversely across the bridge is relatively 
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Figure 26. Maximum midspan deflection, 1996 & 2003. 
Transverse load distribution was generally unchanged as 
well, as is evident in Fig. 27, which is representative of all 
load cases. The slight differences evident in the distribution 
factors may be due to minor differences in position of the 
load truck, changes in moisture content of the panels, as well 
as other factors. Figure 27 also illustrates that the WLF 
equation present in [ 11 ] is a conservative estimate of the 
load distribution to deck panels for this structure. 
Additionally, as seen in Fig. 27, the calculated transverse 
load distribution in the Bolivar Bridge was found to be more 
similar to that of a girder type structure. Figure 27 also 
suggests that the design load for individual longitudinal deck 
+ L~'4 2003 
I,C414oE-
panels (WLF), in the case of the Bolivar Bridge, is 
approximately one and a half times as much as an individual 
panel carries for the given loading. 
Table 6 lists the recommended deflection limitations for this 
type of structure as well as those calculated from the 
maximum measured deflections fro>tn both the 1996 and 
2003 tests. The calculated n values were adjusted by total 
truck weight to the HS20-44 design vehicle for comparison 
purposes. 
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Table 6. Codified and calculated n values. 
n-value 
1996 Results 2003 Results 
LC 1 580 656 
LC 2 580 670 
LC 3 635 635 
LC 4 590 620 
Recommended 360 
From Table 6 it is evident that the deflection performance of 
the bridge is within limitations suggested by [ 11 ]. The 
discrepancy between the suggested limit and the calculated n 
values may be attributed to several factors. These factors 
include: the panels may have initially been over-designed to 
reduce deflections or the deflection limit state may not have 
controlled the design, the level of transverse load 
distribution, and the large curbs present on the structure may 
be also be a factor. However, the exact cause is unknown. 
In addition to global panel deflection, differential panel 
deflections were calculated for evaluation. Maximum 
differential panel deflections for all load cases were less than 
approximately 0.047 in. and 0.029 in. in 1996 and 2003, 
respectively. The pattern of differential deflection from joint 
to joint was found to be variable and unpredictable. 
Similarly, there was no similarity found in the pattern of 
differential deflection transversely across the bridge for 
similar load cases. These calculated deflections seem 
relatively insignificant compared to the 0.1 in. limit. 
Reducing this limit due to the presence of an asphalt wearing 
surface as suggested, may or may not make these deflection 
significant. However, judging by the longitudinal cracks 
present in the wearing surface on the Bolivar Bridge, 
differential deflections may be a factor affecting the 
deterioration of the wearing surface. 
Differential deflection behavior of the panels relative to the 
position of the transverse stiffener beams is also of particular 
interest. Stiffener beams are designed to distribute loads 
transversely from panel to panel in addition to reducing 
differential deflections between adjacent panels. Differential 
deflections were calculated at several locations along one 
panel joint, including adjacent to each side of several 
stiffener beams and midway between stiffener beams. 
Independent of load position, there was no noticeable pattern 
found in the differential deflections to suggest that the 
stiffener beams decrease the magnitude of differential 
deflections. 
In conclusion, from the results obtained from the testing and 
analysis of the Bolivar Bridge it was found that the overall 
bridge performance under static live loading is adequate and 
within specified limits. 
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APPENDIX A 
General 
Name: Bolivar Bridge 
Location 
State: New York 
County: Allegany 
Highway: Salt Rising Road 
Feature Crossed: Little Genesee Creek 
Date Constructed: 1991 
Owner: Allegany Department of Public Works 
Date Tested: July, 2003 
Testing Organization/Crew: ISU: TW, BP, DW 
Bridge Composition 
INFORMATION SHEET 
Design Configuration 
Structure Type: Longitudinal Glued-laminated Panel 
Bridge 
Total Length (out-out): 29 ft — 8 in. 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearing): 28 ft — 8 in. 
Width (out-out): 26 ft — 1 in. 
Width (curb-curb): 24 ft — 8 in. 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material Grade/S ecies p Size S mbol y
Preservative 
Treatment 
Deck Panels Glulam Southen Yellow Pine 4.5' x 15" N/A N/A 
Stiffener 
Beams Timber N/A 6.75" x 4.5" N/A N/A 
Diaphragms N/A N/A N/A N/A N/A 
Abutments Steel Sheet 
Pile N/A N/A N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: Asphalt 
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APPENDIX L 
LIVE LOAD DEFLECTION OF TIMBER BRIDGES 
SCIO GLUED-LAMINATED PANEL BRIDGE 
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Abstract Contents 
The Scio Bridge was originally constructed in 1984 near the 
town of Scio in southwest New York State. The current 
structure is a longitudinal glued-laminated timber panel 
bridge with a 22 ft length and a 31 ft — 2 in. width. This 
two-lane bridge consists of seven longitudinal glued-
laminated panels, three transverse stiffener beams every one-
fourth of the span and an asphalt wearing surface. The 
performance of this bridge under static loading is the focus 
of this report. Testing involved the collection of deflection 
data under controlled loading, as well as comprehensive 
visual inspections conducted to assess the overall bridge 
condition. The combination of the live load deflection data 
and general condition of the bridge were used to relate 
deterioration of the wearing surface and superstructure to 
traffic induced deflections. 
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Introduction 
For centuries, timber was almost exclusively the material of 
choice for bridge construction. However, advancements in 
concrete and steel design in the 20th century have made these 
the more frequently used materials for bridge construction. 
This, along with the lack of research into timber design all 
but erased timber from the bridge engineering toolbox. 
Not only do engineers lack sufficient tools for designing 
timber bridges, many of the design codes and specifications 
they use are incomplete themselves. For example, deflection 
criteria in use today are typically based upon somewhat 
arbitrary limits for total deflection, without consideration of 
actual structural behavior. Hence, a project was initiated by 
the Forest Products Laboratory to evaluate live load 
deflection criteria for timber bridges from a structural 
performance perspective. Specifically, the influence of 
differential deflection on wearing surface performance is of 
significant interest. 
In 1988, the U.S. Congress passed legislation known as the 
Timber Bridge Initiative (TBI), now the National Wood in 
Transportation (N-WIT) program. The execution of this 
program was directed to the USDA Forest Service, which 
established three primary areas of emphasis: demonstration 
bridges, technology transfer, and research. 
Smith and Stanfill-McMillan found, in a study completed in 
1996, that the main reason for the decrease in the use of 
timber stems from the reported performance of timber 
bridges and the resulting perception of timber as a bridge 
material. One important fact is that many of the deficient 
timber bridges have become deficient due to insufficient 
initial design rather than high levels of deterioration. In 
addition, the authors found that only 70 percent of the 
engineers surveyed had standard bridge plans, and that only 
one-third of those bridge-plans included designs for timber 
bridges. They concluded that many engineers did not, and 
still do not, have the experience in timber design or possess 
the necessary tools, such as standard bridge plans, to 
efficiently design timber bridges. 
The majority of problems found with many of the deficient 
timber bridges currently in service have to do with 
degradation of the wearing surface. Various types of 
wearing surfaces are used on timber bridges including 
longitudinal timber planks, asphalt, a combination of 
longitudinal planks and asphalt, and concrete. The 
performance of these various wearing surfaces has been 
found to vary from one bridge to another. This suggests that 
the performance of the structure, or one of its components, 
may be directly affecting performance of the wearing 
surface. 
Since the implementation of NWIT, the number of timber 
bridges in service has steadily increased. Hence, there has 
arisen an excellent opportunity to test and, in some cases, 
retest a number of these bridges to assess their performance. 
The results from these tests will not only increase our 
understanding of the bridge's performance characteristics, 
but also provide valuable information pertaining to possible 
modes of deterioration and the creation of future design 
specifications and standards. 
This report is the twelfth in a series aimed at collecting, 
analyzing, developing, and distributing information on the 
relationship between timber bridge deflection and wearing 
surface and overall bridge performance. The following 
documents the Scio Bridge including testing procedures and 
performance of the bridge under static loading. The Scio 
Bridge is a two-lane, simple-span, longitudinal glued-
laminated panel bridge near Scio, NY with a clear span 
distance of 19 ft — 4 in. (See Table 1 for metric conversion 
factors. ) 
Table 1 —Factors for converting English units of 
measurement to SI units
Conversion SI Unit Factor English 
inch (in.) 
foot (ft) 
foot'` 
pound (lb) 
lb/in' (stress) 
lb/ft' (weight) 
25.4 
0.3048 
O.U9 
0.14 
6,894 
4.88 
millimeter (mm) 
meter (m) 
square meter (m2) 
Newton (N) 
Pascal (Pa) 
kilogram/meter (k 
Objective and Scope 
/m`) 
The overall objective of this research was to study the 
relationship between live load deflection and bridge 
condition and to make recommendations for timber bridge 
live load deflection criteria. The project scope included data 
collection and analysis under static truck loading and 
studying its effect on the wearing surface and overall bridge 
performance. The results of this testing and others in this 
series will be used to formulate recommendations for design 
specifications related to deflection criteria to be -used on 
similar longitudinal glued-laminated panel bridges. 
Background 
Several bridges in Allegany County, New York that satisfied 
the overall needs of the project were identified and selected 
for testing. Figure 1 shows Allegany County and the 
location of the Scio Bridge included in this report as well as 
other bridges tested in the area and included in companion 
reports. 
The Scio Bridge is located near the town of Scio in 
southwest New York State in Allegany County. Elevation 
and end view photographs of the bridge are shown in Fig. 2. 
The Scio Bridge, on County Route 10, carries a medium 
?80 
traffic volume and the bridge is surrounded mainly by 
residential and agricultural properties. The bridge, 
excluding the wearing surface, exists today as was originally 
constructed in 1984, and was initially tested by Iowa State 
University in 1996. In order to develop atime-history 
deflection behavior for the structure, the data collected in 
1996 are included herein with that collected in 2003. 
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Figure 2. Scio Bridge, near Scio, NY. 
Bridge Description 
The Scio Bridge is a two-lane, simple-span, longitudinal 
glued-laminated panel bridge with a span of 20 ft — 8 in. 
measured from center-to-center of supports, as illustrated in 
Fig 3. The bridge has a roadway width, measured between 
the curbs, of 30 ft, and zero degrees of skew, as also 
illustrated in Fig. 3. The out-to-out length of the bridge, 
measured from panel end to panel end, is 22 ft and the out-
to-out deck width is 31 ft — 2 in. The supporting 
substructure consists of sheet pile abutments with C-channel 
abutment caps and nominal 2 in. x 10 in. timber bearing 
seats. 
Spanning between the sheet pile abutments are seven 9 in. x 
4 ft — 4 in. glued-laminated panels. The 22 ft long panels are 
supported on either end by a 2 in. x 10 in. dimension timber 
on the C-channel abutment caps. At both abutments, steel 
angles and through bolts provide anchorage for the panels to 
the abutment walls. Nominal 6.75 in. x 4.5 in. transverse 
stiffener beams are located every one-fourth of the span. 
Attachment of the stiffener beams to the deck panels is 
accomplished by means of lag screws and washers. 
Asphalt provides the wearing surface for the bridge, as 
shown in Fig. 4, and the curbs on the Scio Bridge are 
composed of solid timbers with scuppers cut out between the 
rail posts, as also shown in Fig. 4. The guardrails are 
composed of solid timber posts and a combination of solid 
timber and thrie beam rails. Support for the guardrail is 
provided by bolts through the curb as well as bolts directly 
into the fascia of the exterior panels. 
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a. Asphalt wearing surface. 
b. Curb and buardrail. 
Figure 4. Scio Bridge. 
Evaluation Methodology 
Deck deflections were recorded at critical locations with the 
use of an Optim Megadac data acquisition system (DAS), a 
Dell laptop computer running TCS software for 
communication with the Megadac, and ratiometric 
displacement transducers. 
Using the global deflection data collected, differential 
deflections could be calculated. A large differential 
deflection between adjacent deck panel edges has been 
known to cause cracking or other damage to the wearing 
surface, allowing moisture ingress through the wearing 
surface to the deck and transverse stiffener beams below 
resulting in further deterioration of the structure. 
Instrumentation 
Critical deflection locations were determined prior to testing 
based on overall bridge geometry, bridge design philosophy, 
and other factors. A photograph of the transducer setup 
typically used is shown in Fig. 5. With instrument locations 
determined, eyehooks were installed on the underside of the 
deck panels. Transducers were positioned directly under the 
eyehooks and connected via non-stretch piano wire and s-
hooks. The transducers were attached to a length of 2 x 12 
in. lumber and elevated above the river/stream using tripods. 
The locations of the transducers and the truck position for 
each load case are illustrated in Fig. 6. The first row of 
transducers, located at midspan, consisted of transducers 
positioned on the underside of the deck panels near each 
panel edge. A second transverse row, located approximately 
2.5 ft east of midspan and centered between two stiffener 
beams, consisted of tranducers on panel joints J4 through J6 
only. In addition, transducers were installed on panel joint 
J6, from midspan, east to the abutment, on either side of 
each transverse stiffener beam and midway between stiffener 
beams. In 1996, transducers were placed along the 
transverse centerline of the bridge at the panel edges and on 
joint J5, 2.5 ft east of the transverse centerline. 
Figure 5. Typical transducer set-up for testing. 
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Static Loading 
Loading of the structure was completed using a loaded 
tandem axle dump truck provided by the Allegany County 
Public Works Department. Figures 7 and 8 show the load 
truck dimensions, axle weights, and the load truck used for 
testing in 2003. The total weight of this truck was 69,820 
lbs, with front and rear axle weights of 17,7801bs, 26,020 
lbs., and 26,020 lbs, respectively. The rear wheelbase for 
the load truck was 6 ft, the rear axle spacing was 4 ft - 5 in. 
from center-to-center, and from the forward most rear axle 
to the front axle measured 13 ft - 5 in. 
Two load trucks were used for testing in 1996. Load truck 
12 had a total weight of 66,8801bs, with front and rear axle 
weights of 17,032 lbs, 24,9241bs, and 24,9241bs., 
respectively. Load truck 18 had a total weight of 62,460 lbs, 
with front and rear axle weights of 15,9061bs, 23,277 lbs, 
and 23,277 lbs., respectively. The rear axle spacing for the 
two trucks was 4 ft — 5 in., and the spacing between the front 
tandem and the front axle was 15 ft — 2 in. 
Selection of truck position for the four load cases was based 
on meeting the goals of this project and general bridge 
engineering concepts. The same four load cases were 
investigated in 2003 as were in 1996 and are illustrated in 
Fig. 9. In 1996, all four load cases were investigated with 
one load truck positioned statically (i.e., not moving) on the 
structure; load truck 12 was used for load cases 1 and 2, and 
load truck 18 was used for load cases 3 and 4. In addition, 
load case 1 was investigated with load truck 12 moving at a 
crawl speed. 
In 2003, all load cases were investigated with the load truck 
moving at crawl speed across the bridge. For the first load 
case, the truck was driven west with the centerline of the left 
wheel line offset 2 ft from the longitudinal centerline of the 
bridge. The second load case involved the load truck driving 
west with the right wheel line offset 2 ft from the edge of the 
curb. The third load case involved the load truck driving 
west with the right wheel line offset 2 ft from the 
longitudinal centerline of the bridge. The last load case 
involved the load truck driving west with the left wheel line 
offset 2 ft from the curb. 
26,0201b. 26,0201b. 17.70 lb. 
13 -S.
Ffigure 7. Vehicle configuration and axle loads, 2003. 
Figure 8. Test truck for Scio Bridge. 
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Figure 9. Transverse load positions for the Scio Bridge, 
1996 and 2003. Vehicles traveled west, into the page. 
Condition Assessment 
The Scio Bridge, being less than 20 ft in total span, is 
ultimately classified as a culvert according to the State of 
New York. Therefore, inspection reports were not available 
for this structure. However, a comprehensive condition 
assessment was conducted at the time of testing and is 
discussed subsequently. The condition assessment involved 
visual inspections and measurements as well as photographic 
documentation of the bridge condition. Specific items of 
interest included the condition of the wearing surface, deck 
panels, and the overall condition of the structure. 
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Wearing Surface 
Some information regarding the wearing surface on the Scio 
Bridge was obtained from the Allegany County Engineers 
Office. hnmediately after construction, the bridge was 
paved with approximately 3 in. of cold mix. A layer of oil 
and stone was then applied in 1986 and 1992, and in 1999, 
the bridge was hot mix skim paved (1 in. min, 2 in. max). 
No information was available indicating any time of wearing 
surface deterioration. 
Inspection of the wearing surface by the testing team from 
Iowa State University prior to field-testing found several 
areas of deterioration in the wearing surface. Figure 10 
shows photographs of the condition of the asphalt wearing 
surface in 2003 at the time of testing. A significant 
longitudinal crack was found only in the eastbound lane and 
was approximately half the bridge in length and was located 
above panel joint J2. At the northeast corner of westbound 
lane, a pothole was found measuring approximately 6 in. in 
diameter and 1.5 in. in depth. The only other significant 
cracks found in the asphalt wearing surface were located 
both abutments and extended from curb to curb. 
a. Cracking in eastbound lane. 
b. Pothole in asphalt near east abutment. 
Figure 10. Asphalt wearing surface in 2003. 
Longitudinal Deck Panels 
The longitudinal, glued-laminated deck panels were 
observed to be in satisfactory condition at the time of testing. 
Heavy creosote preservative was evident on the underside of 
the deck panels over the entire bridge, and there were no 
signs of cracking or splitting of the panels. Illustrated in Fig. 
11 is a typical panel joint on the Scio Bridge. The panel 
joints were easily identified, measuring in width up to 
approximately 0.5 in. In addition, stains apparently from 
moisture ingress were also evident in the area surrounding 
the panel joints as shown in Fig. 1 1. 
Figure 11. Typical panel joint and moisture stains. 
Moisture readings were taken at one exterior panel and two 
interior panels on the underside of the deck at the time of 
testing. Moisture levels at the exterior panel were 
approximately 15, 18, and 20 percent at the outside edge, 
middle, and interior edge, respectively. Moisture readings at 
the interior panes were typically around 20 percent at the 
panel edges and around 12-14 percent at the mid-width. The 
increase in moisture content from the center of the panel to 
the panel edge is likely due to the cracking of the asphalt and 
the gaps between the deck panels allowing for ingress of 
moisture. 
Transverse Stiffener Beams 
Visual inspection at the time of testing found areas of 
deterioration in the transverse stiffener beams in a few 
locations. This deterioration was typically localized 
crushing near the lag screws attaching the stiffener beams to 
the deck panels. Figure 12 illustrates typical crushing of the 
stiffener beam as well as excessive amount of creosote 
accumulated on the beam and mechanical connection. 
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Figure 12. Crushing near lag screw in stiffener beams. 
Overall Structure 
Overall, the structure was found to be in good to excellent 
condition for all condition evaluations. The sheet pile 
abutments, bearing seats and asphalt approaches were all in 
good condition with no significant defects or signs of 
deterioration. No signs of crushing or displacement of the 
deck panels was evident at the abutments and the curb and 
guardrail were both in excellent condition. 
Resu Its 
Data Analysis 
The following presents the results of the load testing of the 
Scio Bridge. The behavior of the bridge was evaluated by 
reviewing relative differential deflections, total deflections, 
and comparing experimental values with empirical values 
calculated using code equations. 
1996 Panel Deflection Behavior 
Figure 13 illustrates the maximum transverse centerline 
deflection of the bridge in 1996 for all four load cases. For 
comparative purposes, the 1996 deflections were adjusted by 
total truck weight to the 2003 truck. Maximum panel 
deflection was approximately —0.65 in. for all four load 
cases. Deflections were at a maximum at the panels 
immediately under the load, and the general slope of the 
deflected shape suggests some level of transverse load 
distribution from panel to panel. In all load cases, a 
significant decrease in deflection is evident from the interior 
to exterior edge of the exterior panel nearest to the load 
truck. A similar decrease in deflection is evident at the 
panels located immediately to the left and right of the load 
truck in each load case. Deflections measured at the edge of 
the bridge opposite the load truck were negligible for all 
load cases. 
The decrease in deflection evident between the two exterior 
transducers near the load truck as well as the negligible 
deflections opposite the load truck may be the result of 
additional stiffness provided by the large curb sections at 
each edge of the bridge. In addition, decreased transverse 
load distribution due to the termination of the transverse 
stiffener beams may be a factor. 
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Figure 13. Maximum midspan panel deflections. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ] suggests limiting maximum panel deflections 
to L/360. Listed in Table 2 are the n values calculated from 
the maximum measured deflections for the Scio Bridge in 
1996. The n values have been adjusted by total truck weight 
to the HS20-44 design vehicle for comparative purposes. 
Table 2. Deflection criteria. 
Load Case Deflection (in. n Value 
1 -0.658 342 
2 -0.585 385 
3 -0.626 360 
4 -0.637 353 
The performance of the bridge exceeds the recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The difference between the 
specified deflection criteria and those calculated from the n 
values in Table 2 may be attributed to the level of transverse 
load distribution and large curbs. 
In design, the wheel load factor (WLF) is often used to 
distribute loads between the deck panels. The WLF is 
computed as follows for bridges designed for two or more 
traffic lanes [ 11 ]: 
WLF = Wp or Wp 
3.75+L/28 5.00 ' Whichever is greater 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
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L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per vehicle 
allows for comparison with the WLF. 
average O, 
DF, _ 
n 
0 , 
i=1 
Eqn. 1 
Where, 
DF; =distribution factor of the ith panel 
(lanes/panel). 
average ~1; =average of panel is edge deflections. 
0; =sum of all average panel deflections. 
n =number of panels. 
From Eqn. 1, distribution factors were calculated for all load 
cases. For comparison, the distribution factors for load cases 
1 through 4 as well as the WLF's calculated using guidelines 
found in [11] are illustrated in Fig. 14. From Fig. 14 it is 
clear that the equation in [ 11 ]used to calculate WLF's is 
conservative for all panels for all load cases. The large 
decreases in deflection shown in Fig. X immediately to the 
left and right of the load truck, as well as the distribution 
factors seen in Fig. 14. indicate that the panels directly under 
the load carry the greatest percentage of the load. 
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In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and, in particular, the wearing surface. For the four static 
load cases, the maximum differential panel deflection was 
approximately 0.06 in. and the pattern of differential panel 
deflections across the width of the bridge was highly 
variable as is evident in Table 3. For the load case involving 
the truck moving at a crawl speed, differential panel 
deflections calculated at midspan varied in magnitude, 
although similarities were evident in the pattern of the 
differential panel deflections of all joints. 
Table 3. Differential 
LC J1 J2 
anel deflections 
J3 
- 1996 
J4 J5 J6 
1 0.01 0.01 0.05 0.02 0.01 0.03 
2 0.01 0.00 0.01 0.02 0.01 0.02 
3 0.02 0.01 0.01 0.03 0.01 0.00 
4 0.00 0.00 0.06 0.01 0.00 0.00 
Figure 15 illustrates the differential panel deflection versus 
load truck position for one panel joint adjacent to the load 
truck as well as one panel joint under the load truck. For all 
panel joints, increases in differential deflection were evident 
as the front and rear axles of the load truck passed over 
midspan, as shown in Fig. 15. Differential deflections 
several panels away from the load were negligible, and 
maximum differential panel deflections were calculated at 
the first panel joint to the left and right of the load truck, 
namely joint J4 and J6. 
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Figure 15. Differential panel deflection for load case 1. 
Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. In addition, [ 13] 
suggests a further reduction in the limit in the presence of an 
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asphalt wearing surface. Compared to this limit just the 
differential deflection at joint J4 shown in Fig. 15 is 
significant. All other calculated differential panel 
deflections appear to be acceptable compared to the limit. 
However, because the amount of reduction applied to the 
recommended limit is based only on user judgment the 
comparison loses all of its significance. On the other hand, 
the condition of the wearing surface provides some insight 
into the significance of these deflections. The presence of a 
longitudinal crack above joint J2, shown in Fig. 10, is an 
indication that the level of differential panel deflection on 
the Scio Bridge may be one factor affecting the deterioration 
of the wearing surface. 
2003 Panel Deflection Behavior 
The global deflection behavior of the bridge was consistent 
with what would generally be expected. Figure 16 illustrates 
the maximum transverse centerline deflection of the bridge 
for all four load cases in 2003. Deck panels under and 
adjacent to the load deflected the greatest, and deck panels 
away from the load deflected the least. 
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Figure 16. Maximum midspan panel deflections for all 
four load cases. 
It is evident from Fig. 16 that similar deflections result when 
the load truck is at similar locations but on opposite sides of 
the longitudinal centerline of the bridge. The similarities are 
not only in the pattern but in the magnitude of the 
deflections as well. Maximum panel deflection for all four 
load cases was on average approximately -0.53 in. Also 
evident in Fig. 16 is the transverse load distribution 
characteristics of the structure. For all load cases, 
deflections began at a maximum below the load truck and 
rapidly decreased to negligible deflections only one or two 
panels away from the load truck. In all cases, significant 
decreases in deflection are evident between the two 
transducers on the exterior panels of the bridge, and 
deflections recorded at the exterior panels opposite the side 
of the load truck were negligible. All these factors suggest 
that the greatest percentage of the load is resisted by the 
panels below and immediately adjacent to the load. The 
small deflections measured at the edges of the bridge may be 
the result of added stiffness from the large curb sections 
and/or decreased load distribution to the last panel due to the 
termination of the transverse stiffeners before the edge of the 
bridge. However, the exact cause and extent to which these 
factors are affecting the deflections is unknown. 
Deflection checks for bridges are evaluated based on 
deflection criteria typically of the form L/n, L being the clear 
span in inches. Current design specifications provide no 
limits on deflection for these types of timber structures. 
However, [ 11 ]suggests limiting maximum panel deflections 
to L/360. In addition, [ 11 ] suggests consideration of 
differential panel deflection when designing the transverse 
stiffener beams. Listed in Table 4 are the maximum 
measured panel deflections for each load case, as well as the 
n values calculated from those deflections. The n values 
have been adjusted by total truck weight to the HS20-44 
design vehicle for comparative purposes. 
Table 4. Deflection criteria. 
Load Case Deflection (in.) n Value 
1 0.546 412 
2 0.510 441 
3 0.552 408 
4 0.576 391 
The performance of the bridge is within recommended 
deflection criteria limitations if the values of n computed 
from the measured deflections are compared with the 
deflection criteria of L/360. The difference between the 
specified deflection criteria and those calculated from the n 
values in Table 4 may be attributed to the level of transverse 
load distribution and large curbs may be a factor. 
In design, the deflection of one panel is computed as the 
deflection produced by one wheel line of the design vehicle 
(load truck) multiplied by the wheel load factor (WLF). The 
WLF is computed as follows for bridges designed for two or 
more traffic lanes [ 11 ] 
Wp  Wp 
~,hichever is greater WLF= 3.75+L/28 
or 
5.00' 
WLF =wheel load factor (wheel lines/panel). 
Wp =width of panel (ft). 
L =span length (ft), center-to-center of 
bearing. 
Using the assumption that all panels are of equal stiffness, an 
approximation of the load distribution to each panel can be 
obtained using physical test data from Eqn. 1. Multiplying 
these distribution factors by two wheel lines per lane allows 
for comparison with the WLF. 
From Eqn. 1, distribution factors were calculated for each 
load case. For comparison, the distribution factors that were 
calculated for all load cases as well as the WLF's calculated 
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using guidelines found in [ 11 ] are illustrated in Fig. 17. 
From Fig. 17 it is clear that the equation in [ 11 ]used to 
calculate WLF's is conservative for all panels. The 
distribution factors, along with the deflections shown in Fig. 
16, suggest that the level of transverse load distribution to 
the exterior of the bridge is just as effective as that to the 
interior of the bridge. Typically, this is not the case because 
the edge of the bridge creates a discontinuity in the load 
distribution forcing a greater portion of the load to the 
exterior panels. The combination of the stiff curb sections 
and the relatively thin 9 in. deck are believed to be the 
source of the pattern of load distribution shown in Figs. 16 
and 17. 
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factors. 
In addition to global panel deflection, differential panel 
deflection is important to the performance of the structure 
and wearing surface, in particular. Maximum midspan 
differential panel deflections for all four load cases are listed 
in Table 5. From Table 5 it is evident that the maximum 
differential deflection is generally consistent for all load 
cases, except for load case 2, which was slightly less. For all 
load cases, differential panel deflections near the wheel 
loads were the greatest and those furthest from the wheel 
loads were the least, as would be expected. 
Table 5. Maximum differential anel deflections. 
Differential Panel Deflection (in.) 
LC1 LC2 LC3 LC4 
0.033 0.023 0.037 0.038 
For all load cases investigated in 2003, the pattern of 
differential panel deflection was similar for panel joints near 
the load. Illustrated in Fig. 18 are the differential panel 
deflections for a panel joint near the load truck and a panel 
joint away from the load truck. These graphs are for load 
case 1 and are typical of all load cases. For panel joints near 
the load truck, the differential deflection followed a 
relatively smooth curve with increases evident with the 
passage of the front and rear axle of the load truck. For 
panel joints away from the load truck however, calculated 
differential deflection were sporadic and for the most part 
negligible as shown in Fig. 18. 
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Figure 18. Differential panel deflection for Scio Bridge, 
2003. 
Currently, there are only two methods of evaluating the 
significance of differential panel deflections: the differential 
panel deflection limit of 0.1 in. recommended by [13], and 
the condition of the wearing surface. Compared to this limit 
the differential panel deflections do not appear to be 
significant. However, because the amount of reduction 
applied to the recommended limit is based only on user 
judgment the comparison loses all of its significance. On the 
other hand, the condition of the wearing surface provides 
some insight into the significance of these deflections. The 
presence of a longitudinal crack above joint J2, shown in 
Fig. 10, is an indication that the level of differential panel 
deflection on the Scio Bridge may be one factor affecting the 
deterioration of the wearing surface. 
Transverse stiffener beams on this type of structure are 
intended to serve two main functions: distribute the load 
transversely from panel to panel and, to some extent, reduce 
the amount of differential deflection between adjacent 
panels. The effectiveness of the stiffener beams to distribute 
load transversely was discussed previously. To investigate 
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the effectiveness of the stiffener beams to reduce differential 
panel deflections, the differential deflection along two 
transverse lines of the bridge and the calculated differential 
deflections along panel joint J6 were investigated. 
Comparison of calculated differential deflections along the 
transverse centerline of the bridge with those calculated at 
approximately 2.5 ft west of the transverse centerline 
produced little evidence that the stiffener beams were 
affecting the differential panel deflections. The differential 
deflections adjacent to the stiffener beams as well as midway 
between stiffener beams were inconsistent from location to 
location and were not always smaller adjacent to the 
stiffener beams. Further proof of this is evident in Fig. 19, 
which illustrates the differential deflection along panel joint 
J6 at locations both adjacent to and centered between 
stiffener beams. Lines with open data points represent 
differential deflections midway between two stiffener 
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beams; lines with solid data points represent differential 
deflections adjacent to the stiffener beams. 
From Fig. 19 it is evident that the transverse stiffener beams 
have little effect on the differential deflection of the panels. 
In addition, their effect on the differential deflection of the 
panels appears to be random and inconsistent from location 
to location. The ineffectiveness of the stiffener beams to 
reduce the differential panel deflections may be a result of 
several factors. First, the simple attachment of the beams to 
the panels with lag screws and washers on either side of each 
panel joint may be insufficient for this purpose. Second, any 
expansion and contraction of either the panels, or the beams, 
may loosen the connection between the two resulting in 
increased differential deflections. In addition, other factors 
may be affecting the varied levels of differential panel 
deflections. 
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Figure 19. Differential panel deflections adjacent to and midway between transverse stiffener beams along joint J6. 
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Discussion and Conclusions 
The study consisted of two primary phases: condition 
assessment of the bridge before, during, and after static load 
testing and the static live load testing of the bridge. For the 
first phase, inspection reports from previous years were 
unable to be collected for this structure because the State of 
New York classifies it as a culvert. Thus, only the results of 
the condition assessment conducted concurrent with testing 
is presented herein. At the time of testing, the structure was 
found to be in good condition overall. Minor crushing was 
noted in the transverse stiffener beams near the lag screws 
used to connect the beams to the deck panels. In addition, 
excessive amounts of creosote preservative were noticeable 
on the underside of the deck panels and stiffener beams. 
The deck panels were found to be in good condition with no 
noticeable signs of expansion or displacement at the 
abutments. In addition, the panel joints were easily 
noticeable with some visible gaps between adjacent panels 
and stains from moisture ingress in the areas around the 
joints. The curbs, guardrails, and abutments were all found 
to be in good to excellent condition. A significant 
longitudinal crack was evident in the eastbound lane and 
corresponded to the location of panel joint J2. At both 
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abutments, a significant transverse crack from curb to curb 
was also present. The only other area. of deterioration found 
in the asphalt wearing surface was a pothole at the northeast 
corner of the westbound lane measuring approximately 6 in. 
in diameter and 1.5 in. in depth. 
In the second phase, the bridge was statically loaded with a 
fully loaded tandem axle dump truck and deflection 
measurements were collected. Four load cases were 
investigated for this bridge. The deflection performance of 
the Scio Bridge was found to vary compared to the current 
design specification limitations for deflection but was within 
limitations in terms of load distribution. Figure 20 illustrates 
the maximum midspan panel deflections for all four load 
cases from both the 1996 and 2003 tests. Deflections 
measured in 1996 were adjusted by total truck weight to the 
2003 test truck for comparative purposes. The difference 
between the 1996 and 2003 deflection data is relatively 
similar from load case to load case. The 1996 deflections 
near the load truck are typically 15 to 25 percent greater than 
the 2003 deflections. The decrease in the deflections from 
1996 to 2003 could be from any number of different factors 
including: deterioration, slight discrepancies in the position 
of the load, changes in support conditions, as well as other 
factors. 
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Figure 20. Maximum midspan deflection, 1996 & 2003. 
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Transverse load distribution was generally unchanged, as is 
evident in Fig. 21, which is representative of all load cases. 
Some level of transverse load distribution was found based 
on the calculated distribution factors and transverse 
deflection of the bridge. Additionally, as seen in Fig. 21, the 
calculated transverse load distribution in the Scio Bridge 
was found to be more similar to that of a girder type 
structure. Figure 21 also suggests that the design load for 
individual longitudinal deck panels (WLF), in the case of the 
East Main Street Bridge, is approximately one and a half 
times as much as an individual panel carries for the given 
loading. 
Table 6 lists the recommended deflection limitation for this 
type of structure as well as those calculated from the 
maximum measured deflections from both the 1996 and 
2003 tests. The calculated n values were adjusted by total 
truck weight to the HS20-44 design vehicle for comparison 
purposes. 
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Figure 21. Distribution factors for load case 1. 
Table 6. Codified and calculated n values for deflection 
criteria. 
s 
n-value 
1996 Results 2003 Results 
LC 1 342 412 
LC 2 385 441 
LC 3 360 408 
LC 4 353 391 
Recommended 360 
From Table 6 it is evident that the deflection performance of 
the bridge varies compare to the limitations suggested by 
[ 11 ]and that the performance of the bridge has improved 
slightly since the 1996 testing. The discrepancy between the 
suggested limit and the calculated n values may be attributed 
to several factors. These factors include: the level of 
transverse load distribution, the large curbs present on the 
structure, and changes in support conditions and moisture 
content of the panels may be also be a factor. However, the 
exact cause is unknown. 
In addition to global panel deflection, differential panel 
deflections were calculated for evaluation. Maximum 
differential deflection for all load cases was less than 
approximately 0.04 in. in 1996 and 2003. The pattern of 
differential deflection from joint to joint was found to be 
variable and unpredictable for both tests. Similarly, there 
was no similarity found in the pattern of differential 
deflection transversely across the bridge for similar load 
cases. These calculated deflections seem relatively 
insignificant compared to the 0.1 in. limit. Reducing this 
limit due to the presence of an asphalt wearing surface as 
suggested, may or may not make these deflection significant. 
However, judging by the longitudinal cracks present in the 
wearing surface in the eastbound lane on the Scio Bridge, 
differential deflections may be a factor affecting the 
deterioration of the wearing surface of this bridge. 
Differential deflection behavior of the panels relative to the 
position of the transverse stiffener beams is also of particular 
interest. Stiffener beams are designed to distribute loads 
transversely from panel to panel in addition to reducing 
differential deflections between adjacent panels. Differential 
deflections were calculated at several locations along one 
panel joint, including adjacent to each side of several 
stiffener beams and midway between stiffener beams. 
Independent of load position, there was no noticeable pattern 
found in the differential deflections to suggest that the 
stiffener beams decrease the magnitude of differential 
deflections. 
In conclusion, from the results obtained from the testing and 
analysis of the Scio Bridge it was found that the overall 
bridge performance under static live loading has improved 
since 1996 and at the time of testing in 2003 was within 
current limits. 
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APPENDIX A 
General 
Name: Scio Bridge 
Location 
State: New York 
County: Allegany 
Highway: County Road 10 
Feature Crossed: 
Date Constructed: 1984 
Owner: Allegany Department of Public Works 
Date Tested: July, 2003 
Testing Organization/Crew: ISU: TW, BP, DW 
Bridge Composition 
INFORMATION SHEET 
Design Configuration 
Structure Type: Longitudinal Glued-laminated Panel 
Bridge 
Total Length (out-out): 22 ft 
Skew: 0 
Number of Spans: 1 
Span Lengths) (c-c bearing): 19 ft — 4 in. 
Width (out-out): 31 ft — 2 in. 
Width (curb-curb): 30 ft 
Number of Traffic Lanes: 2 
Design Loading: HS20-44 
Material. Grade/S ecies p Size S mbol y 
Preservative 
Treatment 
Deck Panels Glulam Southen yellow Pine 4.5 x 9 
„ N/A N/A 
Stiffener 
Beams Timber 
N/A 6.75" x 4.5" N/A N/A 
Diaphragms N/A N/A N/A N/A N/A 
Abutments Steel Sheet 
Pile N/A N/A N/A N/A 
Piers N/A N/A N/A N/A N/A 
Anchorage Type and Configuration: Steel angles and through bolts 
Wearing Surface Type: Asphalt 
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